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ABSTRACT
This dissertation presents a research investigation of
structural steel beam-to-column web moment connections. The con-
nections are ones where the beam is attached only to one side of the
column with the beam bending moment tending to bend the column about
its weak axis. The web connections were studied relative to their
elastic behavior with regard to stiffness, stress distribution and
stress concentrations. The primary analytical tool used in the
study was the finite element method. Also included in the study were
experimental tests involving web connection details as well as web
connection beam and column assemblages.
Two types of web connections were considered. Type A is a
connection where the beam flange is attached to the column via a
flange connection plate. The flange connection plate is welded or
bolted to the beam flange and welded to the column flanges and, in
most cases,to the column web. The connection mayor may not have
column stiffening. The other type, Type B, has the beam flange
welded directly to the column web. Again, stiffening may, or may
not, be present.
For Type A connections which have no weld between the flange
connection plate and the column web, stress concentrations in the
flange plate at the transition with the beam flange are very high
and the connection stiffness is the lowest of all Type A connections
studied. Both situations can be improved with welding of the flange
connection plate to the column web with still more improvement
-1-
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coming when a horizontal column 'stiffener is placed on the side of
the column web opposite the flange plate. All three of these var-
ieties of Type A connections are susceptible to fracture of the
flange plate where it joins the beam flange due to stress concentra-
tions caused in large part by shear lag in the flange plate. The
fractures which occurred in the experimental tests were at load
levels beyond the elastic range t but at fairly low ductility levels.
A procedure was developed to predict the elastic stiffness of such
connection subassemblages recognizing the four components of deflec-
tion to be: beam bending deflection t beam shear deflection t beam-
column joint rotation and column web out-of-plane motion.
Type B web connections with no column stiffening were found
to be totally unacceptable as a structural connection unless the
beam loading was very light. Column webs of such connections suffer
severe bending deformation and high stresses. For wide beam flanges,
shear punch failure of the column web is a possibility due to large
stress concentration in the beam flange caused by a shear lag ef-
fect. The components of stiffness of such connection assemblages
are the same as for Type A connections. However here the out-of-
plane motion, caused by web bending and rotation of the column web-
flange junction, is a significant contributor toward the lack of
connection stiffness. Utilization of column stiffening for Type B
connections makes a significant contribution toward reducing web
bending and shear punch problems, and improves: elastic connection
stiffness. A procedure is outlined to compute the elastic stiff-
ness of such connections .
-2-
• 1. INTRODUCTION
1.1 Description
In the analysis and design of steel frames used in the con-
struction of buildings, there are three basic components which influ-
ence structural behavior. They are the beams, the columns and the
elements connecting them, the beam-to-column connections. Beams and
•
•
columns must be designed and examined from the standpoint of strength
and serviceability. The same is true for beam-to-column connections.
For a connection to be properly designed it must be able to transfer
beam forces to columns, all the while keeping stresses within allow-
able limits. Acting integrally with the beams and columns, moment
resisting connections, for example, must exhibit stiffness character-
istics to allow building components as well as the total structure to
remain within allowable deflection limits and yet have sufficient
ductility to keep permanent damage to the structure at a minimum
during severe loading such as an earthquake. It is obvious, therefore,
that the role of connections in structural design is no minor one and
deserves as much attention during the design process as beams and
columns.
Three basic types of connections, classified according to
their ability to transmit bending moments, are used currently. They
are the simple, semi-rigid and moment-resisting connections .
-3-
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A simple connection by definition, is designed to transmit only beam
shear to the column whereas a moment-resisting connection is designed
to accept beam shear and 100 percent of the beam end bending moment
and transmit it to the column. The semi-rigid c9nnection transmits
beam shear to the column as well as a percentage of the beam fixed-end
moment. This percentage depends upon the particular type of connection.
The study involved herein deals with one type of moment resisting beam-
to-column connection.
Depending upon where moment-resisting connections are found
in a stee1·framed building, they are usually one of two different geom-
etry types. They are the column flange connection and the column web
connection and the column web connection shown in Fig. 1. Their defin-
ition comes from that component of the column whose plane is perpendic-
ular to the longitudinal axis of the beam. Further, a web connection
is one where the beam bending moment tends to bend a column about its
weak axis as opposed to the flange connection where the beam moment
causes rotation of the column about its strong axis. The objective of
the work which follows is to try to understand the behavior of moment-
resisting steel beam-to-column web connections.
1.2. Need
Based upon their structural importance and economic impact on
steel frame construction, the question of a need for research on web
connections has an obvious answer. Years and years of research have
been and currently are being undertaken on the flange connections,
possibly with the thought that they are more important to structural
-4-
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behavior. It is true that in many buildings a majority of the columns
are oriented with their strong axis parallel to the weak axis of the
building allowing resulting flange connections to be loaded signifi-
cantly by a building lateral load. However, in a building designed
completely with moment-resistant connections, one finds nearly as many
web connections as flange connections. In a rigid frame, beams, col-
umns and connections all have a contribution to oVerall building de-
flection. In the weak direction of three dimensional rigid frames
(Fig. 2) the role of connections in controlling deflections becomes
relatively more important because of the much smaller moment of inertia
of the columns and consequent deflection control ability in that
direction.
Much research in the past, both in this country and abroad,
has been conducted on beam-to-column moment resisting flange connec-
tions. A few references covering a range of different topics are
listed in Ref. 1 through Ref. 16.
As an indication of the scope and nature of the work on beam-
to-column flange connections, these references have been grouped
according to topics. References 1 to 3 deal with full-scale testing
of full size beam-to-column welded and bolted moment connections under
static load. T-stub moment connections are detailed in Refs. 4 and 5,
with end-plate moment connection described in Ref'. 6. The problem of
how to handle column web stiffening has been addressed in Refs. 7
through 9. Column panel zone shear deformation has been dealt with in
Refs. 10 and 11. The performance of connections under earthquake type
loading has been evaluated in Refs. 12 and 13. Examples of the types
-5-
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of theoretical analysis techniques used are: Ref. 9 'finite dif-
ference', Ref. 14 'finite element', Ref. 15 'limit analysis', Ref. 16
'strength of materials approach'. The above selected references are
only some of the hundreds of publications and reports available on
flange connections.
Thus it is obvious that a thorough approach has been taken
in the past toward understanding column flange moment connections with
more work currently underway. Much of this work has been transformed
into provisions in the American Institute of Steel Construction ,code
(Ref. 17) for use by designers of steel framed buildings and other
structures involving flange connections.
However, the same amount of effort has by no means been ex-
pended in the past on the subject of beam-to-column web moment con-
nections. As pointed out earlier, their performance is an integral
part of rigid frame behavior. This importance warrants a thorough
understanding of each phase of web connection behavior.
The previous work on web connections has encompassed both
physical testing of specimens and theoretical investigations. Ref. 18
is by far the most extensive, primarily experimental, study undertaken
on web connections. This program at the University of California at
Berkeley involved the study of web connections under cyclic loading.
There was no axial load applied to the column of the tested beam and
column assemblages and the beams experienced relatively low shear.
Reference 19 details the testing of a single assemblage from
the Nusantara Building in Djakarta, Indonesia. Again this specimen
-6-
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was tested under cyclic loading for analysis of its behavior under
simulated earthquake loading. Also, Ref. 10 reports the testing of
another web connection assemblage under cyclic loading to evaluate
stiffener behavior.
Web connections were also tested as part of a study of four-
way beam-to-column moment connections undertaken at Lehigh University
(Ref. 21). This study involved testing of subassemblages under simu-
lated static loading with the column experiencing axial loading
throughout the testing. Involved in this program were basically load-
deflection and load-rotation behavior studies with some strain gage
observations to illustrate stress patterns. Some crude design ap-
proaches for a particular type of four-way connection evolved from
this study .
Therefore it is apparent that there has been a lack of testing
conducted on web connections sufficient to obtain trends for use by
designers. The testing which has been conducted has dealt mainly with
cyclic loading and obtaining hysteresis loops rather than basic static
testing with detailed observation of deflections and strains.
Just as a majority of the testing work has centered in one
area, namely cyclic behavior, so too has the available theoretical
work concentrated on one particular topic. References 22 to 25 to
some extent are all involved in applying a yield line analysis type of
approach to web connections which have the beam flange and web attached
only to the column web as opposed to also being attached to the column
flanges. The column web is assumed to be a flat plate being acted upon
-7-
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by beam flange and web forces. These studies are purely theoretical
and have not been substantiated by testing of specimens. No compre-
hensive theoretical analysis is known to have been done on the commonly
used web connection geometries.
Another approach taken in Ref. 26 has been to apply limit
analysis techniques in an effort to predict the ultimate strength of
web connections.
From a comparison of the above described research work on
column web versus flange connections, web connections have definitely
been short changed. As far as design of both of these connection
types is concerned, flange moment connection design has been treated
in both the American Institute of Steel Construction Manual (Ref. 17)
and the ASCE Manual on Plastic Design in Steel (Ref. 27) with nothing
mentioned on the topic of column web moment connections. The only
available information on web connections supported to some extent by
testing is given by Blodgett in Ref. 28. This reference gives some
approximate guidelines for some web connection types based upon the
research described in Ref. 21. The AISC Manual on Detailing (Ref. 29)
presents the different web connection details commonly used in steel
buildings and Ref. 37 gives an extimate of the relative costs of four
commonly used web connections.
1.3 Purpose
The overall purpose of the dissertation is to discuss the
elastic behavior of web connections, both from an analytical and an
experimental viewpoint, to discuss phenomena.which might present
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limits on the maximum strength of such connections, and to present some
design guidelines for those involved in web connection design. More
specifically, it is the purpose of this dissertation to include mater-
ial on elastic stress distributions in web connection components and
elastic connection stiffness obtained from finite element analysis as
well as testing of detail and full scale specimens. Also included are
discussions of items such as stress concentrations which could affect
the maximum strength attainable by web connections. Detailing of the
factors comprising load-deflection behavior and prediction of the
elastic load deflection behavior will be yet another goal, all cul-
minating in some guidelines which may be used by designers. Examples
of some guidelines might be how to design for greater connection
stiffness or how to avoid high stress concentrations which lead to
adverse connection behavior.
1.4 Scope
Although the term web connection itself defines a specific
type of beam-to-column connection, the scope of the dissertation must
be further defined. The web connections to be investigated will be
those where the beam frames into the column such that the beam bending
moment tends to bend the column about its weak axis and where there is
a beam only on one side of the column (Fig. 3). This unsymmetrical
type of loading was selected because it is a more severe loading than
having beams on opposite sides of the column web. Further, the dis-
sertation deals with moment connections acted upon by simulated static
loading where an axial force is present on the column. The beam'
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flanges and webs are connected to the column by welding and/or
bolting. Two basic web connection geometries will be studied. One
has the beam flange attached only to the column web (Type B) and the
other has the beam flange attached to the column flange and in some
cases to the column web (Type A). The two different types are il-
lustrated in Fig. 4.
1.5 General Approach
The general approach analytically is to obtain elastic
stress distributions and deflections by finite element techniques and
other engineering approaches for some common connection details to
show how they vary for different web connection geometries and to il-
lustrate trends and problem areas in design of such connections. The
experimental work will be used to verify some of the analytical work
and to provide validity to the entire analytical approach. From a
strength standpoint, yield line analysis, shear punch theory and
fracture mechanics will be discussed as possible limits on maximum
connection strength. These three topics will be examined in light
of the elastic stress distributions and how these maximum strength
factors could be applied. No ultimate connection strengths will be
evaluated for web connections.
1.6 Organization
The following two chapters deal with the theoretical study
of web connections. Chapter 2 discusses Type A web connections
while Chapter 3 deals with Type B.
-10-
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Chapters 4 and 5 present the experimental portion of the dis-
sertation. Presented in Chapter 4 is a review of some of the experi-
mental work on web connection details and Chapter 5 covers tests of
four full-scale web connection assemblages.
The final chapter describes conclusions and design guidelines •
-11-
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2. THEORETICAL ASPECTS OF TYPE A WEB CONNECTIONS
2.1 Introduction
There are two basic types of column web moment connections
distinguished by the method in which the beam flanges are attached to
the column. The two types are shown in Fig. 4. Type A has the beam
flanges attached to either the column flanges alone or a combination of
the column flanges and column webby means of a flange stiffener
referred to hereafter as a flange connection plate. Type B has the
beam flanges'attached directly to only the column web. Both types may
have a horizontal column stiffener on the opposite side of the column
web from the beam. This chapter deals with the theoretical aspects of
I
Type A web connections with Type B to be discussed in the following
chapter.
Further expansion of the description of Type A connections is
necessary. The flange connection plate is fillet welded to the column
flanges alone or more commonly to the flanges and the column web. The
beam flange is commonly either welded to the flange connection plate by
a full penetration butt weld at approximately the column flange tip or
bolted to an extended flange connection plate. The beam web is
attached to a web connection plate which is normally welded to the
column web and the two flange connection plates. Column stiffening
where used is usually in a horizontal plane on the opposite side of the
-12-
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column from the flange connection plates and fillet welded to the
column web and flanges.
What at first appears to be a rather simple connection detail
with few anticipated structural problems turns out to be quite a com-
p1ex structure. The stress flow patterns and stress distribution are
complex and difficult to predict by intuition. Items to be discussed
in this chapter to explain the complexity of Type A web connections
•
are:
2.2
\/1. Stress concentrations in flange plates.
~2•. Stress distribution in flange connection plates.
3. Effect of column stiffening on above two items.
4. Elastic load-deflection relationships.
General Description of Finite Element Analysis
Because the web connection is so geometrically complex, there
•
exists no closed-form solution to predict stress distributions or de-
f1ections. Thus, a numerical analysis approach must be selected to try
to approach as nearly as possible the true solution for desired
structural quantities such as stresses and deflection. Two such numer-
ical procedures are finite elements and finite differences. Because
the finite difference technique would involve considerably more effort
to analyze web connections, to the same degree as the finite element
method, the finite difference method was discarded. The attraction
toward the use of finite elements was the availability of an excellent
general purpose elastic finite element computer program with a good
library of elements. The program chosen to be used was SAP IV (Ref.
30) written at the University of California at Berkeley. This program
-13-
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has been used in many research and industrial applications and has
proven to be a reliable, accurate, and fairly inexpensive tool for
analysis of complex structures.
SAP IV is a general purpose finite element program contain-
ing a library of nine different elements for use in static or dynamic
analysis of elastic structures. The two elements used primarily
throughout all the analyses to follow were the quadrilateral flat
plate bending element and the quadrilateral plane stress element.
The plate bending element is formed by the combination of four com-
patible triangles with the central node located at the average of the
four corner nodes. The bending and plane stress properties of the
element are detailed in Refs. 31 and 32. The in-plane properties are
based on a constant strain triangle approach. The bending properties
are those of the LCCT9 element. The degrees of freedom for the in-
terior node are eliminated prior to stacking the global stiffness
matrix. This leaves a total of 5 degrees of freedom at each of the
four corner nodes in the global system. The in-plane rotation of the
plate at each point must be set equal to zero because the .e1ement has
no stiffness defined in that direction.
The plane stress element can take the form of a quadrilater-
al or a triangle. Jhe in-plane behavior here is more sophisticated
than the in-plane behavior of the plate bending element because here
the element uses a higher order displacement function to arrive at a
linear strain distribution across the element. This allows this
element to be a very good choice for use in modeling a region such as
a beam web where the strain is linearly varying under bending moment
action.
••
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In addition to these two elements, beam bending elements were
used to transfer forces into connections in regions far from the detail
under consideration and stiff linear spring elements were used to intro-
duce displacements into the structure.
2.3 Finite Element Approach
The approach taken to analyze web connections was to study
seven hypothetical connection assemblages comprised of actual wide
flange beams and columns. Shown in Table 1 is a list of the connec-
tions and their beam and column components. The seven connections
represent a cross section with respect to two specific variables.
They are column web thickness (t ) ranging from .76cm to 5.1 cm
w
(0.3 to 2.0 inches) and the ratio of beam flange width to clear dis-
tance between column flanges (a) ranging from 0.37 to 1.0. Attempts
were also made to utilize a range of beam depths from 30.5 to 76.2 cm
(12 to 30 inches). The web thicknesses and a ratios are also listed
in Table 1.
In each case, a detailed analysis of each connection, dis-
\
cretized by finite elements, was performed. The computer used was a
CDC 6400. Each analysis consisted of three levels (I, II, and III) of
finite element runs. Level I computer runs were of a connection
discretized with a coarse mesh followed by Level II with a finer
discretization, and Level III having the finest mesh. The reason for
three levels was to control the high cost of the analysis, and keep
the scope of the problem within the meapns of the available computer
program, and to obtain stresses in a sufficiently small area in order
-15-
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to perform a meaningful analysis. For Levels II and III runs, boundary
displacements, which were taken from the previous ~eve1's mesh, were
applied to the mesh under consideration. By this procedure, the
stresses and displacements obtained in Level III meshes were those
which ~ou1d be obtained in Level I runs had a finer mesh been used.
- The discretization-for all three levels assumed welded construction
since trying to model bolted construction of either the beam web or
flanges would be very difficult and far beyond the effort required to
•
•
obtain significant information on web connections. The vertical web
connection plate was assumed to be groove welded to the beam web, the
location of this vertical weld being at the same longitudinal beam
location as the transverse butt weld connecting the beam flange and
flange connection plate. This web connection plate was then assumed
to be fillet welded to both the flange connection plate and column web.
Shown in Fig. 5 is the finite element discretization ofa beam
and column web connection assemblage used for Level I runs. The column
flanges and beam web were modeled by plane stress elements with the
column web and be~m flanges simulated by plate bending elements. The
boundary conditions assumed a hinge (zero moment) at the top and bottom
of the column with the top hinge allowing vertical displacement and the
bottom restricting vertical displacement. This permited application of
an axial load to the column. (Very stiff beam elements were used at the
ends of the plate bending and plane stress elements adjacent to the
hinges to allow for a better transfer of applied and reactive column
axial loads into the cOlumn) The twelve foot column length was chosen
to correspond to a distance between inflection points commonly found
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in buildings. The beam length of 1.372 m (54 in.) was somewhat
arbitrary but also corresponded to the length of the beam in some of
the full scale subassemblage tests discussed in Chapter 5. Twelve
different load cases were run in Level I. The two basic variables
with respect to loading were column ax~al load and beam shear. Table
2 illustrates the twelve load cases. In each case, the shear and
moment applied to the end of the beam were adjusted so that at the
intersection of the beam and column web, the moment in the beam was
Mall' where Mall is defined as:
Mall = .66 f S (2.1)y x
f = yield strength of beamy
S = beam section modulus
x
The beam shear and moment were applied so the moment at the column
centerline caused tension in the bottom beam flange. For all con-
nections, a material yield stress (f ) for both the column and the beamy
2
was taken to be 345.7 MN/m (50 ksi). Four different beam shear ratios
of viv equal to 0.1, 0.3, 0.5 and 0.7 were run in combination with
y
column axial loads of Pip equal to 0, .25, .50 where
y
v
vy
= applied beam shear force
f
= shear yield force = if x db x t bw (2.2)
P = applied axial load
P = column load assuming section is fullyy
•
plastic = f y x Ac
-17-
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db = beam depth
A = column cross sectional area
c
t bw = beam web thickness
The beam shear force was applied to the beam web based upon
the normal shear stress distribution in a wide flange beam which is a
slightly parabolic distribution. The beam moment was applied to the
beam end nodes based upon an MclI distribution of stress. The.column
axial load was applied as a uniform·load across the cross.section.~
For these assemblages, since there exists a vertical plane
of symmetry through the beam and column, only half of the structure
needed to be analyzed. For the nodes on the line of sYmmetry at the
column web, the Z .displacement and Y rotation were taken to be zero .
Also for the beam along the line of symmetry, the Z displacement was
taken to be zero as well as rotation at these nodes about the X axis.
Upon execution of the Level I computer runs, displacements
around a local region in the Level I mesh were retained for use as
input to the Level II computer runs. For Level II, the region under
consideration was the area of the column and beam tension flange. The
limits and the discretization for the Level II study are given in
Fig. 6. Plane stress elements were used to model the beam web and
plate bending elements were used for the column web and flanges and
the beam flanges. Plane stress elements were also used at the bottom)
/~
of the model for the beam flange because plate bending elements may
riot take the form of triangles~
-18-
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The loading on this structure whether considering the beam or
the column was the displacements and rotations from the Level I mesh
applied to the boundaries of Level II. The nodes on the boundary of
the model were connected to very stiff springs in the three coordinate
directions which in turn were connected to fixed nodes. Displacements
to the structure were imposed by producing the specified displacement
or rotation from the Level I mesh in the stiff spring. (!or nodes on
the boundary on Level. II which did not exist in Level I, linear inter-
polation of displacements and rotations between existing nodes was
performe~
On Level II, the flange connection plate was designed to
extremities of the beam flange. However, merely by making elements in
this extension have a very low modulus of elasticity (0.0001 times the
modulus of elasticity of steel), this extension was effectively removed.
t The transverse butt weld connecting the beam flange to the flange con-
nection plate was assumed to be at the end of the flange connection
plate, whether the flange connection plate ends flush with the column
tip or is extende~ by five em. The cope hole in the beam web, in
actual connections made for allowing use of a backup bar to make the
transverse butt weld, was simulated by making one of the beam web
plane stress elements have a very low modulus of elasticity. For all
runs, the thickness of the flange connection plate equalled the thick-
•
extend five em. beyond the tip of the column flange outside the
•
ness of the beam flange. In actual connections, the flange plate is
sometimes made thicker for erection tolerance purposes. For Levels I
and II, the option existed to either utilize column stiffening on the
-19-
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opposite side of the column web or disregard any stiffening. If stif-
fening was included, the thickness of the stiffener was, for simplicity,
assumed to be the same as that of the beam flange.
The Level III mesh shown in Fig. 7 is the finest mesh con-
sidered. Since the flange connection plate region of Type A web con-
nections is most important to web connection behavior and since this is
such a complex stress state region, the focus of the Level III mesh and
hence the focus of the entire web connection study was the flange con-
nection plate region. Included here is the region bounded by the
column flange and web and extending 17.8 centimeters (7 inches) beyond
the column flange tip and 1/10 of the way up the beam web. The flange
connection plate being considered was that which was attached to the
beam tension flange. Although the stiffener itself was not modeled,
the effect of using column stiffening was accounted for in the dis-
placements, particu1ari1y along the junction of the model and the
column web, from Level II.
The beam flange and flange connection plate were modeled as
plate bending elements and the beam web as plane stress elements.
Again here as in Level II, the displacements from the previous level
were applied to the boundary of the mesh. via the stiff springs which
were oriented in the three directions at each boundary node. Linear
interpolation was again done to obtain displacements for nodes which
were not present in Level II. As in Level II meshes, the option existed
here to extend the flange connection plates five em. beyond the
column tip outside the edges of the beam flange tip. When it was
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desired not to extend the plate, the modulus of elasticity of these
elements was made extremely small.
For ~ach connection listed in Table 1, three different varia-
tions on the geometry were run. Case 1 assumed a column stiffener and
Case 2 assumed no stiffener. For both these cases, the flange con-
nection plate was assumed to be welded to the column web and flanges.
Case 3 had no stiffener and had the flange connection plate welded
only to the column flange and not the column web. Within each of these
cases, some connections had the flange plate extended 5.1 centimeters
(2 inches) and others did not.
2.4 Stress Concentrations
Since the flange connection plate region was the major focus
of Type A web connection behavior, one of the first areas to examine
was the in-plane stress distribution of the beam flange connection
plate. Of primary i~terest in this section were the stress concentra-
tions in the flange plates in the region of the column flange tip and
how they varied for different geometries of beam flange widths to
flange connection plate width ratios and for the three different
geometry cases. This discussion has implication in the fracture sus-
ceptibility of the flange connection plate in web connections.
Shown in Fig. 8 is the plot of the in-plane beam flange
normal stress distribution for Connection 2 for the three cases of
column stiffener, no stiffener and no weld. The plotted values were
taken from the beam flange at the tip of the column flange where the
transition is made from the narrow flange to the wider flange
-21-
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connection plate. As is evident in the plot, the curve for the case
of the column stiffener has a higher stress near the center of the
beam flange than the no stiffener case followed lastly by the case of
the flange connection plate not being welded to the column web. How-
ever as the edge of the beam flange is approached, the trend reverses
with Case 3 (no weld) exhibiting the highest stress at the edge of
the flange followed respectively by Case 2 and Case 1. The area
under the three curves is identical because the same moment was
applied in each case.
This shear lag effect, which was followed to varying degrees
for all connections, can be explained by looking at the stiffness of
the flange connection plate. Stress tends to migrate to areas of
high stiffness. Since the application of the column stiffener in-
creased the in-plane stiffness of the flange connection plate, more
stress was retained in the flange plate and transferred through to
the column web and stiffener. In the case of no stiffener, the
stiffness of the column web region was less and hence more stress
tries to escape from the flange plate to the stiffer column flange.
The magnitude of the normal stress in the center of the beam flange
for a particular ratio of a for Cases 1 and 2 is a function of the
stiffener size and web thickness respectively. The slight rise in
the stress plot in the center of the beam flange was due to the
stiffness of the beam web attracting more stress. For the case of
no weld, the column web region exhibits no stiffness and hence
any force in the beam flange must flow to the column flanges as
-22-
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soon as it has the opportunity, explaining the lower stress in the
center of the beam flange and the high stress at the flange tip.
It should be noted that by using an elastic ~nalysis computer'\
I
program, only elastic stress distributions are available. This is
the reason for stresses greater than 345.7 MN/m2 (50 ksi) being
obtained. Naturally this is not the true stress situation because
these areas would have yielded locally. However, there was much to
be· gained regarding overall stress distribution, stress concentra-
tions, and design guidelines without going to the extreme added
expense and difficulty of a nonlinear analysis program.
I)
•
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The stresses plotted were those at the center of the finite
element. To arrive at a stress at the edge of the beam flange and
be able to compute a stress concentration, the plot was extrapolated
beyond the last plotted point. Also shown in this graph is a plot
of the nominal normal flange stress computed from MclI of the beam.
The stress concentrations were then computed by dividing the peak
stresses at the beam flange edge by the nominal stress. Listed in
Table 3 are the values of the nominal stress, peak stress and stress
concentrations for the three cases of the seven different connections.
For the prior discussion and previously described plot and for Table
3, the connections being discussed were those which have their flange
connection plate terminating in the direction of the beam at the
column flange tip.
Figure 9 shows a plot of the stress concentrations for the
three cases versus a, the ratio of beam flange width to clear
-23-
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distance between column flanges. The trend appears to be that as a
increases, the shear lag effect causes the stress concentration to
increase in a nonlinear fashion. Also, geometry Case 3 exhibits the
highest stress concentration followed by Case 2 and then Case 1, the
reason for this trend having been explained earlier. Also, it is
interesting to note that the curve for the case of no stiffener is
closer to the curve for the case of no weld than to that of the case
of having column stiffening present. This implies that the column
web does not provide significant stiffness to the in-plane motion
of the flange connection plate.
It would seem logical from the results described above that
increasing the stiffness of the column web region would have the ben-
eficial effect of lessening the shear lag effect and thereby lower-
ing the stress concentrations. To confirm this hypothesis, Con-
nections 5 and 7 Case 1, were modified by increasing the thickness
of the column stiffener. In Connection 5 the stiffener was increased
from 1.37 cm (0.54 in.) to 1.90 cm (0.75 in.) in thickness while in
Connection 7 the stiffener thickness increased from 1.08 cm
(.424 in.) to 1.90 cm (0.75 in.). Shown in Fig. 10 is a plot of
Connection 7 Case 1 for the normal stiffener (thickness equal to beam
flange thickness) compared against the case of the thicker stiffener.
From the graph, it is apparent that the thicker stiffener attracts
more stress to the center of the beam flange and consequently the
stress at the beam flange edge and the resulting stress concentra-
tions are less. From the last few figures it is obvious that the
presence of a stiffener reduces stress concentrations. However, as
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evident from the last figure, the size of the stiffener did not
significantly effect the stiffness variation or alter the stress con-
centration. In that figure, the stiffener thickness was nearly
doubled without an appreciable change in the stress concentr~tion.
In another attempt to try and lower what can only turn out
to be harmful stress concentrations, several computer solutions were
generated for cases where the flange connection plate was extended
5.1 cm (2.0 in.) beyond the tip of the column flange. The selection
of 5.1 cm (2.0 in.) for this study was completely arbitrary. Hence,
the full penetration transverse beam flange to flange connection
plate groove weld ~as assumed also to be made at the end of this
5.1 cm (2.0 in.) extension. (See Fig. 4A dotted flange plate for
view of web connection with flange plate extended). The reasoning
behind the idea that this might lower the stress concentration was
that by giving the stress a greater distance (5.1 cm (2.0 in.)) over
which to start flowing to get to the stiff column flanges, the
stress at the beam flange tip would not be as great. The stress con-
centration of interest was at the junction of the beam flange and the
flange connection plate.
Shown in Fig. 11 is a plot of the normal stress in the beam
flange at the point where the flange is welded to the flange con-
nection plate, 5.1 cm (2.0 in.) from the column flange tip. For
comparison, also shown is the average beam flange bending stress
computed at the beam flange middepth by Mc/I. The curves for the
three cases are in the same relative position as those for the case
of the plate not extended.
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Table 4 shows the stress concentration at the end of the
flange plate extended for Connections 2, 5 and 7. Connection 2 shows
the largest reduction in stress concentrations, with the newly com-
puted stress concentrations averaging about 89 percent of the previous
ones computed at the column flange tip.
However, for Connections 5 and 7, the improvement in reducing
the stress concentrations was only on the order of a few percent.
These connections were ones which have a small a ratio. This small
reduction can be explained as follows. For Runs 5 and 7, in con-
nections which did not have the flange plate extended, relatively
speaking, the high stiffness of the column flange is far from the
junction of the beam flange and flange connection plate. Percentage-
wise, therefore, by extending the plate 5.1 cm (2.0 in.), the in-
crease in length over which the stress must navigate to.reach the
column flange was smaller for connections with lower a ratios than
for the connections having large a ratios, which dictated a larger
reduction for the large a ratio connections.
In summation, although the extension by 5.1 cm (2.0 in.) of
the flange connection plate has a small effect upon stress concen-
tration for connections with small a ratios (less than .6), it does
reduce concentrations for large a ratios to the amount of 10 to 15
percent .. Also it is important to note especially from Connection 2
thatthe.5.l cm (2.0 in.) extension affected all three cases nearly
equally, having affected as expected Case 3 the most .
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The biggest contribution of the extension of the flange
connection plate was not necessarily the amount of the reduction in
stress concentration at the end of the flange conne~tion plate where
it joins the beam flange. A major effect was the reduction in the
stress concentration in the flange connection plate at the column
flange tip. The reduction of stress at the end of the extension was
an important contribution toward adequate connection performance.
However, the really important reduction took place at the column
flange tip (Pt. A in Fig. 4). Shown in Fig. 12 is the normal stress
distribution in the flange connection plate at the column tip for
Connection 2 with the flange plate extended. It is true that the
peak stress now occurs at a different spot along this cross section.
Now it occurs in the flange connection plate at the column' tip where
before the plate was extended, it occurred at the corner where the
beam flange joined the flange connection plate. Even though the
peak point changed, the reduction in stress concentration was appar-
ent. The reduction in peak stress here compared to Fig. 8 is very
significant. Table 5 compares the stress concentrations for the
specific peak stress location along the cross section of the flange
connection plate at the column tip before and after extension of the
flange plate. Any reduction of stress at this cross section (longi-
tudinal beam location) is very important because of the existing
complex state of stress. Residual stress in the plate caused by
welding of the plate to the column flange plus the restraint to the
plate exhibited by the column flange induce biaxial and perhaps tri-
axial stress states at this point. Therefore, a significant
-27-
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reduction here in stress is more important for connection performance
than the small reduction at the end of the flange connection plate
caused by the 5.1 cm (2.0 in.) extension. The reduction in peak
stress was accomplished by allowing a,greater longitudinal distance
over which the stress may gain access to the high stiffness region
of the column flange, thereby reducing the shear lag effect.
Also shown in Table 5 is a comparison of stress concentra-
tions for Connection 5. Here, the reduction in stress concentra-
tions was exceptionally large. ~he difference in the reduction in
stress concentration of Connections 2 and 5 can again be explained
by looking at the a quantities. Connection 5 has a much lower a
value. This means that by extending the plate 5.1 cm (2.0 in.) in
the direction of the beam, much more lateral area (area of flange
plate between edge of beam flange and column tip) is added over which
to carry the beam flange force. This larger additional area in con-
nections with Iowa values spreads the initial beam flange force over
a larger cross sectional area and causes a larger reduction in peak
stress and hence a reduction in the stress concentration. Thus it
appears that the smaller the a value of a Type A web connection, the
greater is the reduction in average stress and peak stress at the
longitudinal (in direction of beam axis) location of the column
flange tip when the flange plate is extended by 5.1 cm (2.0 in.).
The importance of the reduction in stress concentration at this
point will be discussed further in a later section .
-28-
••
•
2.5 Stress Distributions
Probably the major unanswered question in Type A web con-
nections is related to how much force from the beam flange caused by
a beam bending moment is carried by the column flanges and how much
by the column web. The answer to this basic question is important
for several reasons. The design of the flange connection plate
thickness, connection plate to column .flange welds, and connection
plate to column web welds are all controlled by the amount of force
transmitted through certain locations. Without proper knowledge of
force distribution some local areas may yield or be stressed beyond
their allowable limits while the beam load is in the working load
range. The other extreme, and probably the way things are done now,
is that due to the uncertainties of the force distribution, the con-
nections are so overdesigned that their costs for fabrication are
needlessly higher than what they should be.
The two primary stress distributions to be examined to
provide an idea of force distribution are the normal stress distri-
bution in the flange connection plate at its junction with the column
web and the shear stress distribution along the flange connection
plate to column flange weld.
2.5.1 Shear Stress Distribution in Flange Plate at Column Flange
A plot of the shear stress distribution along the column
flange for Connection 2 is given in Fig. 13. On the plot are the
distributions for the three different geometries (stiffener, no
stiffener, no weld). The relative positions of the three curves is
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as expected. The curve for the stiffener case is the lowest because
much of the beam flange force goes straight through the flange con-
nection plate into the column web due to the high stiffness in that
region. The curve for the case of no column stiffener is the next
highest. For this case, more beam flange force is transferred into
the column flange due to the lower stiffness in the column web
region as compared to the previously described case. Finally, for
the case of no weld between the column web and the flange connection
plate, all of the beam flange force must be transferred to the column
as shear along the interface between the flange connection plate and
the column flange. This caused this curve to depict the highest
shear stress distribution of the three cases. These curves are for
the case of the flange plate not extended •
The shape of the curves in Fig. 13 was not typical for all
of the seven connections. Shown in Figs. 14 and 15 are the shear
stress distributions for Connections 3 and 5 respectively. The basic
difference among these three connections is in the location of the
peak shear stress. In Connection 3 it is at the column flange tip,
in Connection 4 it is a short distance in from the column tip and
in Connection 5, the peak is located adjacent to the column web.
This phenomena can be again explained by looking at the a ratios.
For Connection 3 as well as Connection 4, a is very high (greater
than .9). This means that when the beam flange force entered the
flange connection plate, the force did not have to travel laterally,
and consequently longitudinally, too far to reach the column flange .
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Therefore, much of the stress was already being transmitted to the
column flange at the flange tip.
As the a ratio gets smaller (a between 0.6 and 0.8) it takes
a greater distance along the flange for a majority of the beam force
to travel over to the column flange. Thus, for Connections 1 and 2,
only a small amount of force was transmitted to the column at the
flange tip with the peak shear stress occurring a short distance
from the end.
Finally for Connections 5 through 7, the a ratio was so
small (a less than .7) that the peak shear transfer of the beam force
to the column flange did not occur until a point on the column flange
adjacent to the column web.
The effect on the shear stress distribution of extending
the flange connection plate 5.1 cm (2.0 in.) beyond the column tip
is presented in Fig. 16. Presented here is the shear stress distri-
bution for Connection 5 with the flange connection plate extended.
It is obvious, compared to Fig. 15, that the peak value is not
reduced significantly, but the shear stress distribution is now more
constant, making better use of the material. This distribution
follows from the fact that now the flange force has two inches
longitudinally to start moving to the column flange allowing more
force to flow to the column flange at the tip.
On the shear stress distributions just described, the total
force entering the column flange along its junction with the flange
connection plate is equal to the area under the shear stress curve
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times the flange plate thickness. Graphically integrating each of
the shear stress distributions for each of the seven connections,
the values of total force transferred to the column flange are shown
in Table 6. Also shown in the table is the total beam flange force
which is equal to the stress in the beam flange at the column web
times the beam flange cross sectional area.
After the integration was performed it was found that the
total shear force for Case 3 along the weld did not equal the flange
force as it should by equilibrium. This was due probably to the
approximations in integration plus some flange force perhaps trans-
ferring to the beam web and then into the column web. Therefore, to
rectify this, the Case 3 connection shear force was adjusted to equal
one-half of the beam flange force and the forces in the other two
cases were adjusted accordingly. Shown in Table 6 is the percentage
of the flange ·force carried in shear by the longitudinal fillet
weld at the column flange.
The percentage of force transferred directly to the column
flange as a function of a, the ratio of beam flange to flange con-
nection plate width, is shown in Fig. 17. As was previously
established, 100 percent of the beam flange force is transferred as
shear in Case 3 connections. The startling fact brought out by the
graph is the nearly constant percentage of force being transferred
as shear, regardless of a ratio. For Case 2 connections the per-
centage transferred varied only from 89 to 97 percent, averaging
94 percent. For Case 1, the variation was slightly more. The
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percentages varied from 59 to 72 averaging 65 percent. In this case,
there is a slight variation as a function of a, illustrated by the
sloping straight line on the graph. This line was placed approxi-
mately to try to reflect the trend.
The implication from this graph is that the width of beam
flange to th~ width of flange connection plate ratio has no effect
on beam flange force distribution for Case 2 connections. As was
seen earlier, the shear stress distribution varied for different a
ratios showing the trend that for smaller ratios, the peak,shear
stress occurred closer to the column web. However, the net shear
force as a percentage of the beam flange force transferred was the
same a~ong the fillet weld joining the flange connection plate and
column flange regardless of where along this interface the peak
shear stress occurs. This further implies that the column web
thickness with its related stiffness for connections without column
stiffening has almost no effect on attracting more force to the
column web or in anyway affecting force distribution for wide flange
column shapes. The thickness of the column web would have to
increase tremendously to compete with the stiffness of the column
flange for attracting beam flange force in order to affect force
distribution. The lack of stiffness in the column web is obvious
when considering that the web must resist force by bending action
of relatively thin web plates whereas the column flange can exhibit
more stiffness because it relies only on the in-plane stiffness
properties of relatively thick column flanges. Thus, the significant
factor seems to be the extremely high stiffness of the column flange
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versus the column web stiffness, a comparison which is fairly con-
stant for Case 2 web connections regardless of the value of a.
For Case 1 web connections, the percentage of force from
the beam flange going to the column web appears nearly constant for
varying a ratios, although the percentage is somewhat less than for
Case 2. For Case 1, orienting the column stiffener in the plane of
the beam flange significantly increases the stiffness of the column
web region and hence increases its ability for attracting force.
This is because the stiffener is being loaded in its in-plane
direction where it acts considerably stiffer than it does if it is
loaded perpendicular to its plane. As was shown earlier, the peak
shear stress along the interface between the column flange and flange
connection plate for low a ratios was near the column web. There-
fore, this indicates a majority of the beam flange force does not
exit from the flange connection plate until it gets very near to the
column web because of the high stiffness of the column web region of
Case 1 connections. This means more force is likely to be attracted
to the column web. A majority of the flange force being farther
from the column flange tip explains why slightly less force goes to
the column flange for low a values than for higher values as shown
on the graph. The very high stiffness of the column flange was in
strong competition for the beam flange force because of the high
stiffness in the column web due to the presence of a column stif-
fener. The equation of the straight line approximation of the per-
centage of force going to the column flange is:
•
•
Per = 50 + 20 a
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which should be considered good for values of a greater than 0.2 due
to a lack of data below that point.
The extension of the flange connection plates beyond the
column tip has an effect in the shear stress distribution and hence
upon the overall total force transferred in shear. Shown in Fig. 16
is the shear stress distribution for Connection 5 with the flange
plate extended. It is obvious that the general shape of the curves
is quite a bit different from those of Connection 5 in Fig. 15 which
did not have the plate extended. The curves in Fig. 16 are more
uniform because in this connection, more force could get over to the
column sooner and transfer to the column flange rafuer than arriving
at the column flange at a point closer to the column web as Fig. 15
indicates. For distributions as in Fig. 14 for Connection 3, the
effect of extending the plate is to increase further the peak shear
stress shown adjacent to the column flange tip. Because of the high
stress already at the column tip without the extension, the addition
of the extension will add to this peak but the total percentage force
increase will not be as great as that for Connection 5 where the
peak stress occurs close to the column web. This trend is borne out
in Table 7.
Shown in Table 7 is a comparison of the amount of shear
force transferred in Connections 2 and 5 for the case or regular and
flange plate extended connections. For Connection 5, the use of
the extension in addition to changing the shape of the curves also
leads to a larger force being transferred to the column flange.
The same is true for Connection 2, Case 1 but to a smaller extent.
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From the chart for Case 2, the force transferred decreased. This may
be attributed to error in graphical integration. However, the impor-
tant point to realize is that the use of an extension increases, or
at the least, causes the moment of force transferred to the column
flange to remain the same.
The addition of a thicker stiffener to the column intui-
tively will add more stiffness to the column web and hence attract
more force from beam flange to that region. This was verified in
Fig. 18 where the effect of the normal stiffener thickness (1.37 cm
(0.54 in.» is plotted versus the effect of the thicker stiffener
(1.91 cm (0.75 in.». This factor may be important in the case of
a short column flange where it is necessary to transfer more force
to the column web to avoid overstressing the flange plate or weld at
the intersection of the large connection plate and the column flange •
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2.5.2 Normal Stress Distribution in Flange Plate at Column Web
The other important area of concern as far as force distri-
bution in the flange connection plate is concerned is at the column
web region. Basically, the remainder of the beam flange force
which does not transfer to the column flange as shear enters the
column from the beam flange through the column web, except for a
small percentage which may enter the beam web and then th~ column web.
Shown in Figs. 19 and 20 are the normal stress distributions
in the flange connection plate adjacent to the column web for Connec-
tion 2 and 5 respectively. They show the two basic trends of stress
distribution. For Connection 2, a is relatively high (.791). There
are basically two stiff regions on the column web for connections
without column stiffening, the center of the web where the beam web
adds the stiffness and the end of the web where it meets the column
flange. For the case of Connection 2 with a relatively wide beam
flange, the flange force is spread over a wider region with the
flange force likely to concentrate at either of the two high stiff-
ness points as shown by the lower curve in Fig. 19. For the same
large a values but with a considerably thicker web, the curve peaks
reduce because the column web midway between its middepth and its
junction with the column flange becomes stiffer relative to the two
previously described high stiffness locations.
For Connection 5, which has a relatively small a, the
force in the beam flange is concentrated over a narrower region and
has a tendency to migrate to the stiff region at the center of the
web "depth. This is illustrated by the higher value on the left for
-37-
••
•
the lower curve in Fig. 20. For Connections 6 and 7 which have very
thin column webs, the midpoints of this curve dipped below zero
indicating the column web in its deformation is exerting a compres-
sive force on the flange connection plate in that region. This in-
dicates that little tensile force is going to that retion to over-
come the compressive force due to the extreme lack of stiffness in
that region.
The upper curve in each figure is the case of column stif-
fening attracting more stress to all regions of the column web, with
the shape of the curve remaining basically the same. Again, in Fig.
20 for connections with small a values, a larger percentage of the
force enters the column web at middepth than at the ends of the
column web compared to connections with large a values such as that
in Fig. 19.
Shown in Fig. 21 is a plot of the normal stress in Connec-
tion 5 for the normal stiffener size (1.37 cm (0.54 in.)) versus a
thicker stiffener size (1.91 cm (0.75 in.)). The increased stif-
fener size causes more force to be attracted to the column web with
the increase in stress being nearly uniform along the length of the
column web.
As a check, the areas under the plots similar to Figs. 19
and 20 for the seven connections were integrated to find the total
force going to the column web. These computations are given in
Table 8. Reasonably close agreement is shown between the force
calculated by summing the contributions of shear along the flange
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connection plate and column flange and the force calculated by inte-
gration of the normal force along the column web compared with the
theoretical beam flange force. Thus, for future calculations, the
amount of force entering the column web can be computed by sub-
tracting the shear contribution, using the guidelines previously
presented, from the nominal beam flange force computed at the column
centerline.
2.6 Longitudinal Flange Bending Moments
In describing fully the distribution of stress flow from
the beam flange through the flange connection plate to the column,
there are several additional important stress distributions required.
These distributions allow one to appreciate the complex state of
stress existing in Type A web connections.
In addition to the normal axial stress previously dealt with
in great detail, there exists in the beam flange a local bending
moment contributing to the stress in the beam flange. Normally, such
moments in beam flanges are assumed not to exist or at worst their
existence is assumed not to contribute significantly to the stress in
a flange.
However, the beam flange bending moments in the flange con-
nection plate region of Type A web connections are present and are a
significant contribution to flange stress. Shown in Fig. 22 is the
flange moment about the y axis plotted from the column web along a
line adjacent to the edge of the beam flange represented by the x
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axis in the figure. It is important to note that beyond the column
flange tip into the area of the unrestrained beam flange the bending
moment reduces very close to zero. However, at the point where the
beam flange is welded to the flange connection plate adjacent to the
column flange tip, large bending moments develop due to the high
restraint of the flange connection plate. Then as the beam flange
force is transferred to the column, .the bending moment again de-
creases to a small value adjacent to the column web. For connections
with a small ~ value, the moment in the flange connection plate next
to the column web increases slightly due to the flexibility in the
plate caused by the relatively large distance from the column flange.
Also, it is interesting to note that there is no much variation in
moment among the three different cases. The maximum moment of ap-
proximately 35.7 kN-cm/cm (8.0 in-k/in.) does not seem large by it-
self but when converting this to a stress by dividing by a section
modulus of t~/6, this reduces to a local stress of 331.9 MN/m2
(48 ksi) with tension occurring on the bottom of the flange and com-
pression on the top assuming the bottom flange of the beam is in
tension. The region of this high bending stress is also the area
containing the high stress concentrations from the normal axial
stress of the beam flange. Thus, the area where the beam flange is
welded to the flange connection plate at the tip of the beam flange
is a localized high stress area deserving special attention when
designing Type A web connections.
In order to try to reduce this peak flange bending moment,
several computer runs were made wherein the flange plate was extended
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5.1 cm (2.0 in.) beyond the column tip as was done previously for the
discussion of stress concentrations. A plot of the flange bending
moment in Connection 5 for the normal flange connection plate and for
the case where the plate has been extended 5.1 cm (2.0 in.) is shown
in Fig. 23. Since the three connection cases are essentially the
same only one curve is plotted for each. It is obvious that the
introduction of the plate extension has significantly reduced the
peak moment. The original value of 4.0 kN-cm/cm (0.89 in-k/in.) has
been reduced to 1.83kN-cm/cm (0.41 in-k/in.) meaning a reduction in
2 2
stress from 126.5 MN/m (18.3 ksi) to 58.1 MN/m (8.4 ksi) , a 55
percent reduction. Not only has the peak been reduced but it also
has been moved from a point adjacent to the column flange tip to the
end of the extended flange connection plate, a move that can only
help alleviate the complicated stress picture in the flange connec-
tion plate near the column flange tip. The flange plate bending
moment in the region of the column web as well as in the unrestrained
part of the beam remained basically unchanged by the 5.1 cm (2.0 in.)
extension.
The variation in the bending moment along the beam flange
directly over the beam web was not as severe in the region adjacent
to the column flange tip. A graph of the moment distribution at this
location for Connection 7 is shown in Fig. 24. The moment in the
beam flange approaches zero as the distance along the beam increases.
However, there is a large jump in bending moment, to the extent that
the moment changes sign, in a region located laterally from the
column flange tip. This is caused by the cope hole in the beam web
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necessary to place the transverse groove weld in the beam flange .
Since there is no connectivity of the beam web to the flange in this
region, the shear distribution in the beam web becomes more like
that of a rectangular beam with more shear being carried by the beam
flange. The shear force on the rectangular beam flange forces it to
deform in a reverse curvature shape resembling a horizontal Sand
causes the reversed bending moment shown in the figure. As the
column web is approached, the bending moment increases because the
flange connection plate is relatively flexible in this region over
the beam web due to it being far from the high restraint of the
column flange.
2.7 Lateral Flange Bending Moments
~ In addition to examining the distributions of the flange
connection plate and beam flange bending moments in the direction of
the longitudinal axis of the beam, it is important to examine this
same moment as it varies across the width of the beam flange. Shown
in Fig. 25 is the distribution of the flange bending moment M about
x
the y axis plotted from the center of the beam flange to the edge
adjacent to the column flange tip. Of importance is the fact that
the moment changes sign in going from the ~enter of the beam flange
to the edge with the point of zero moment about one-third of the way
from the center of the beam flange. The moment· at the beam center-
line is one causing tension in the top fiber and then changing to
•
one causing tension in the bottom fiber. This distribution agrees
with the deflected shape where the beam flange is trying to move
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upward but is restrained at the edges where the flange connection
plate is welded to the column flange. The location of this plot co-
incides with the transverse full penetration groove weld attaching
the beam flange to the flange connection plate.
2.8 Lateral Flange Plate Stresses
Basically, the preceding sections have dealt with a thorough
description of the stress patterns in the direction of the longi-
tudinal axis of the beam. The two contributions to this stress
picture were the axial and bending stress in the beam flange. In
most structural problems dealing in one way or another with wide
flange shapes, this was usually all that was needed to describe the
stress pattern in the beam flanges .
However, for web connections in the flange connection plate
region, the situation is much more complex. Due to the large re-
straints on this plate caused by stiffness of the column flanges,
there exist stresses in the transverse direction. It is the stress
in this direction, hereafter referred to as a which will be dealty
with in the following pages. As was the case for a , the stress in
x
•
the y-direction was derived from both in-plane normal force and
bending moment.
The first topic of discussion is the bending moment distri-
bution across the beam flange width at· the column tip for the case of
the flange plate not extended. Shown in Fig. 26 is such a distri-
bution for Connection 1. The moment varies from one causing tension
in the top fiber at the beam centerline to a moment causing tension
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in the bottom fiber at the beam flange tip. This reverse curvature
bending is caused by the out-of-plane deformation of the flange con-
nection plate caused by the beam shear. The plot shown is in the
beam, not in the flange connection plate but the behavior is similar
due to continuity imposed by the transverse weld. The curves for all
three connection cases are similar. Converting these moments to
2
stresses, the stresses vary from approximately 269.6 MN/m (39 ksi)
at the beam centerline to 62.2 MN/m2 (9 ksi) at the flange tip.
Since Connection I has a relatively wide flange to column
depth ratio (a = .836), the moment does reverse sign. However, for
connections with small a values (Connections 5, 6, 7) the moment
across the beam flange remains positive. Moving toward the column
web slightly, into the flange connection plate, the moment distri-
bution will always change sign due to the out-of-plane motion of a
plate which is essentially fixed ended at the beam web and at the
column flange. Hence, the beam flange where it is attached to the
flange connection plate rides along with the connection plate and,
depending upon beam flange width, experiences a complete moment
reversal or no reversal at all.
Another distribution of a moment causing a cr stress in they
flange connection plate is the moment along the weld connecting the
flange connection plate with the column flange. This moment is
caused by the out-of-plane motion of the flange connection plate
caused by beam shear. It is analogous to the case of a beam fixed
ends being loaded by a center concentrated load producing moments at
the ends.
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Shown in Fig. 27 is a plot of the moment along the fillet
weld for Connection 2. The distributions for all seven connections
follow the same basic pattern. At the end of the flange connection
plate to column web weld near the column web-flange junction, the
value of the moment is near zero. This distribution is justified
for two reasons. For Case 1 and 2 which have the flange plate welded
to the column web, the flange plate cannot deflect out-of-p1ane at
this point thereby inducing no moments at the ends of the plate. For
Case 3 with no column web weld, the beam web attachment to the column
web provides restraint against movement.
As the distance increases along the weld, the moment slowly
becomes more and more negative. Toward the column flange tip it
increases nonlinearly with distance. At the column tip, the average
moment for the three cases translates to an extreme plate fiber
stress of 470.2 MN/m2 (68 ksi). The moment causes a tensile stress
on the bottom side of the flange connection plate attached to the
beam tension flange.
The same basic reasoning for zero moment at the column web
end of the distribution can be used to explain the relative position
of the curves for the three cases. Case 3 with no welds between the
flange plate and the column web consistently shows the highest
moment because the lack of restraint compared to the other two cases
allows more movement of the flange connection plate thereby gener-
ating more moment. Case 2 and finally Case 1 generated gradually
smaller moments due to the increasing restraint in going from Case
3 to Case 1 .
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The stress derived from the above described moment is one
which perhaps· not quantitatively but at leas.t qualitatively must be
dealt with in design due to its location along a critical connection
of two members.
The final contribution to the total 0 stress pattern is they
in-plane membrane stress in the flange connection plate caused by the
restraint of the column flange. As the flange connection plate ad-
jacent to the beam tension flange stretches, the Poisson's effect in
the plate wants to pull the column flange toward the beam. However,
the column flange is a relatively stiff element which will not deform
readily. Because of this lateral (0 ) tensile stresses were gener-y
ated in the flange connection plate.
An example of the distribution of the membrane stress along
the connection plate to column flange weld is shown in Fig. 28 for
Connection2~ The basic pattern for all connections studied is sim-
ilar although the magnitudes varies significantly. The intersection
of the column web and flanges is·onthe left in the graph. The
stresses are high at this point and then drop off slightly, peaking
again shortly before reaching the column flange tip. The compressive
stress at the tip cannot be explained but is not considered to be
significant or representative of the general trend of tensile ::',
stresses. The highest stress except the local stress at the begin-
ning of the plot, consistently occurs a short distance from the
column tip, a point which is approximately the location where the
shear transfer from the flange connection plate to the column flange
occurs. The thought here is that as the force flows from the beam
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flange toward the column flange, there exists a component of this
force in the transverse direction which flows into the column flange.
There appears to be no clear predictability as to the magni-
tude of the cr stress although the patterns are somewhat similar.y
The magnitude is a function of such items as a, column flange width
and thickness, flange connection plate thickness, and type of attach-
ment of the flange connection plate to the column. However, it is
important to recognize that such stresses do exist. This indicates
that there exists, due to this stress as well as the previously
described cr stresses caused by bending, a biaxial state of stressy
in the flange connection plate.
•
2.9 Beam Web Shear Stress
After having dealt in detail with the stress distribution in
•
the beam flange and flange connection plate, it is important to turn
to another area also very important to the designer. That is the
subject of shear in the beam web, or more appropriately, in the web
connection plate. The web connection plate is the vertical plate
welded to the column web and flange connection plates normally using
fillet welds and connected to the beam web by bolting or welding.
The main unknown as far as designers are concerned is how
large a shear to use in designing the fillet welds between the web
connection plate and the flange connection plate and between the web
connection plate and the column web. To try and answer this ques-
tion, several shear stress distributions were plotted along the
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intersection of the flange connection and web connection plates •
Such plots for Connections 2 and 5 are shown in Figs. 29 and 30,
respectively. The point on the right in the figure is several
centimeters from the column flange tip. At this point, the theoret~
ical horizontal shear stress equals that computed by the formula
vn .
ltwhere V beam shear, Q equals first moment of inertia of the beam
and I equals the beam moment of inertia. For these two connections,
that shear stress at this point where the beam flange joins the beam
2·
web in the computer runs is approximately 138.3 MN/m (20 ksi) which·
is the applied beam shear divided by the beam web area. As the plot
approaches· a point in· the ·.beam web opposite the column flange tip,
the shear stresses increase slightly. At this point the shear
stress drops to zero because·of the cope hole cut in the beam web
to make it possible to make the transverse beam flange-to-flange
connection plate full penetration groove·weld. The shear is trans-
ferred around this gap·through the remainder ·of the beam web causing
a small shear stress concentration in elements in the web below the
hole. On the other side of the gap, the shear stress starts to drop
off as the column web is approached.
At the column web, varying amounts of shear stress are ":.:.-._
transferred into the column web through the vertical fillet weld.
For Connection 2, the average shear stresses in the web at this
. 2
vertical weld are 105.8, 105.8 and 117.6 MN/m (15.3, 15.3 and 17.0.
ksi) for Case 1 through Case 3, respectively. For Connection 5, the
2
values for Case 1 through 3 are 106.5, 99.5 and 123.1 MN/m (15.4,
14.4 and 17.8 ksi). It is obvious that for all cases of both
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connections, the average shear stress in the beam web adjacent to
the column web is below the applied shear stress value. This is true
for all connections studied. This implies that some of the shear
force is leaving the beam web and entering the column by other means.
This is most likely explained by observing the plot of Figs. 29 and
30. In the plots the curves drop off as the column web is approached
indicating that some of the shear force is leaving the web and most
likely being attracted to the flange connection plate which is very
stiff close to the column web region. Further confirmation of this
theory is that for Cases I and 2 which have the flange plate welded
to the column web and flanges and consequently are stiffer with
respect to out-of-plane deformations, less shear is transferred by
the beam web to the column web. For these cases more shear is drawn
toward the stiff flange connection plate and thereby into the column.
The increase in shear stress around the cope hole is felt to
be a localized effect due to the hole. Some designers feel that per-
haps the eccentricity of the beam shear on the web connection plate
generates additional shear stresses along the flange connection
plate web connection plate web connection plate weld. If this were
the case, the increase in shear stress would be more than this
localized effect, especially for shallow beams, and the shear stress
would remain more constant rather than dropping off as it does.
Thus in summary. the vertical shear stress along the verti-
cal column web weld is less than the applied shear stress. The hor-
izontal shear stress along the flange connection plate to web
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connection plate weld is only slightly higher than the applied
values and this can probably be attributed to localized effects.
2.10 Web Connection Deflections
In addition to stress distributions t an important item of
interest for the designer is·theelastic load-deflection behavior t
or more correctlYt the elastic stiffness of the connection. This is
important for predicting the elastic stiffness of the entire structure
as well as being important in affecting the force distribution in the
structure.
. .
For web connection assemblages there are four basic com-
ponents of the total deflection of the beam (Fig. 31). They are:
1. Beam shear deflection
2. Beam bending deflection
3. Beam-to-column joint rotation
4. Deflection of the column web in the direction
of the axis of the beam.
Each one of these will be discussed briefly.
The deflection of the beam due to shear force is computed
from:
(2.4)
•
where
~ = beam shear deflection
s
v = shear force in beam
t b = beam length to column flange tip
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A = beam web area
G = shear modulus
It is important to note that the length of the beam taken here for
shear deflection calculation and later for the beam bending deflec-
tion is only that distance measured to the column flange tip. This
is because the region from the column tip to the column web is very
rigid due to the flange connection plate being welded to the column
flange and the small vertical deflection that does occur can be
ignored.
The deflection of the beam tip due to bending takes various
forms depending upon the loading condition. For the case of the con-
centrated load at the tip of a beam cantilevered from the column,
the bending deflection is:
•
where
~b
P i 3
b
3 EI (2.5)
•
~b = beam bending deflection
P = beam concentrated load
E = modulus of elasticity
i b = beam length measured to column flange tip
I = moment of inertia of beam
Both of the previously described components are major con-
tributors to beam deflection. Shear has a major effect for short
deep beams while bending predominates for shallow long beams.
The third component of deflection is that caused by rota-
tion of the joint connecting the beam to the column. This rotation
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is a function of column size, length, material properties, and end
conditions as well as 'loading on both the beam and the column. The
joint rotation causes a deflection at the tip of the beam in Fig. 31
'in the amount:
(2.6)
where
~~ = beam deflection due to rotation of joint
8j = joint rotation in radians
t = length of beam measured to column web
The calculations of the three values ~s' ~ and ~¢ are all
fairly routine, straightforward, and simple for structural engineers
to make. However, the computation of the last component is slightly
more complex. This quantity, ~ , is the beam deflection due to the
w ,
movement out-of-plane of the column web for Case 1 and 2 and the in-
plane longitudinal distortion of the flange connection plate for Case
3 connections •. This out-of-plane motion, toward the beam for the
column web region attached to the tension flange and away from the
beam for the compression flange, causes a rotation in the beam, which
when projected out to the beam tip, causes a beam deflection analo-
gous to ~¢. The beam deflection due to the column web movement; al-
though not a major component to the overall deflection picture,
should nevertheless t be explainable. This deflection component is
small because of the flange connection plate attachment to the
column flange. However, this web deflection makes a definite contri-
bution to deflection, the exact extent depending primarily upon beam
depth, flange plate and stiffener thickness t and to a smaller degree
upon column web thickness.
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First to have an idea of the magnitude of the deflections,
shown in Figs. 32 and 33, are the column web deflections for Connec-
tions 2 and 5, respectively. Shown there are the actual web deflec-
tions for Cases 1 and 2, as well as the deflection along the edge of
the flange connection plate along the side where it is adjacent, but
is not attached, to the column web for Case 3. To get the true web
deflection relative to the column web-flange junction, the value on
the left at the vertical axis in the graph should be subtracted from
the values on the curve. The value at the intersection of the curves
and the ordinate axis is the horizontal movement of the junction be-
tween the column web and flange due to joint rotation, etc. and is
stiffener. This value was obtained by the procedure detailed below.
flection, using Connection 5 and a 3.05 m (10 ft.) long beam, the
beam tip deflection would be 38 rom (15 in.) for the case of no column
•
accounted for in ~¢' As an example of the magnitude of the ~ de-
w
If ~ is taken to be the horizontal out-of-plane motion of the column
w
web then
(2) (0 ) £
~ = _---:_...:.:cw_
W db
where
(2.7)
•
~ = beam tip deflection due to column web movement
w
db = beam depth to center of flange
o = column web deflection relative to the web-
w
flange junction
£ = beam length measured to centerline of column
The first part of the expression is actually the beam rotation caused
by the movement which is then multiplied by the beam length to obtain
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by the movement which is then multiplied by the beam length to obtain
a deflection•.
Shown in Table 9 are the finite element produced values of
the column web or the flange connection plate (Case 3) horizontal
deflection for the seven different connections.
An interesting item. to note is that the deflections for Case·
3 are only slightly greater than those of Case 2. This implies that
the column web presents very little stiffness to resist deformation.
This might be expected since a plate, when loaded perpendicular to
its plane, exhibits·avery small stiffness compared to its in-plane
stiffness. Also, as discussed previously, only a small percentage
of the beam flange force makes its way to the column web for Case 2
connections.· Thus, as ·far as deflection is concerned, Case 2 offers
no significant·benefit over Case 3.
The computation and prediction of column web deflections
is very hard to arrive at from a truly theoretical formulation of
connection parameters. This is because the stress patterns in the
flange connection plate are so complex. For example, the pattern of
stress along the interface between the flange connection plate and
the column web is by no means uniform, even for the case of column
stiffening. However, the following discussion is an attempt to ob-
tain a rational prediction of column web displacement; However crude
the prediction may be, it will provide the designers with an approxi-
mate magnitude of the deflection.
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The first case to be discussed is Case 3. Shown in Fig.
34(a) is an exaggerated diagram of the deformation pattern of the
flange connection plate. Figure 34(b) shows a close-up of the flange
plate distortion. Analogous models for Cases 2 and 1 are shown
respectively in Figs. 35 and 36. From further inspection it is pos-
sible to visualize the flange connection plate deforming as a deep
uniformly loaded beam fixed at both ends where it is welded to the
column flanges. The load is the normal force applied to the flange
plate by the beam flange due to the beam bending moment. This assump-
tion is probably more valid for connections with large a values due
to the loading from the beam flange extending over a wider portion
of the flange connection plate. The uniform load on this fictitious
beam is equal to the beam flange force calculated at ,the column web
from the beam bending moment at that location divided by the center-
to-center distance between beam flanges and then divided by the clear
distance between column flanges. Shown in Fig. 35 is the loading
configuration and shear plus moment diagram of the fictitious beam.
The deflection then is composed of two values, Sws and 0Wb' the shear
and bending deflection respectively. The shear deflection is
°ws
6 V io c
---
= .=.5.......=2---::2=-
G A (2.8)
•
where
V = flange connection plate shear force along column
0
flange weld = wi /2
c
i = clear distance between column flanges
c
G = shear modulus
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A = cross-sectional area of flange plate measured
from column flange tip to face of column web.
The bending deflection 0Wb is
wR. 4
c
384 EI (2.9)
•
where
w = uniform load which equals beam flange force
computed at the column web divided by R.
c
R. = clear distance between column flangesc
E = modulus of elasticity of flange plate
I = moment of inertia of flange connection plate.
Applying this procedure to all seven connections, the com-
puted deflections as well as the deflections computed from finite
element runs are given in Table 10. In some~:cases, especially con-
nections 5-7, the agreement is very good. However, for.Runs 3 and 4
there is a large discrepancy. In any event, the relative magnitude
of this web displacement is predicted. The difference in values can
be attributed to the largely nonuniform nature of the stress distri-
bution in the flange connection plate making the use of any simpli-
fied beam theory difficult at best. The error between the calculated
.values and the finite element values as reflected by the value in the
last column of Table 10 show that the error is a function of a. Con-
nections having large a values such as Connections 3 and 4 have com-
puted web deflections far in excess of the finite element values.
This is because in the finite element solution with large a values,
••
•
the flange force quickly leaves the flange plate and enters the col-
umn flange and thereby does not remain in the flange plate to cause
flange plate deformation. For connections with small a values, the
force stays in the flange plate longer, agreeing more with the as-
sumptions used in the hand calculation. However, anymore rigorous
treatment would not be worth the effort since it is doubtful that it
would predict the deflections any better in view of the uncertainties
with respect to the stress distribution. For small a values, the
method underpredicts the deflection because the. beam flange force is
spread out over the entire flange plate width when it should be con-
centrated in a smaller area in the center of the flange plate.
Having obtained the values of the web deflection of Case 3
with no weld to the column web, the deflections of Case 2 with a weld
attachment follow directly. Because of the very small contribution
to the flange connection plate stiffness by the column web, the same
structural model is used for deflection prediction. However, the web
does attract some of the flange force and this amount should be sub-
tracted from any force applied to the model. Subtracting the exact
force going to the web and adjusting the displacements of Case 3
accordingly for the reduced load, the values for total computed and
actual web deflections are given in Table 11. Again, there is rea-
sonably close agreement in the predicted and finite element produced
values.
The use 6f a similar approach for the two cases but using
less force in Case 2 is further justified by looking at the finite
element deflections for Cases 2 and 3 in Table 9. In that table. the
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Case 2 deflections are consistently but only slightly below those of
Case 3 proving that the column web ,has only a small influence upon
reducing web deflections.
For Case 1 where a stiffener is used on the column, a simi-
1ar procedure may be employed. Here, however, a choice exists as to
what to use for the fixed ended beam model. Since the amount of ..... ,.. ,.
•
force which goes to the column flanges and the column stiffener
through the column web is known, either the flange connection plate
or the stiffener may be modeled by the fixed ended beam. The inter-
na1 stiffnesses in this flange connection plate region have so dis-
tributed the flange connection plate forces due to continuity of the
elements that the deflection of the flange plate by its force will
equal the deflection by the stiffener'due to the 'force it experiences.
Since one of the benefits of the stiffener is that it does a fairly
good job of leveling outthe,:stress distribution that passes to it
across the column web, the stiffener model is chosen. Thus the
column stiffener is modeled 'as a fixed ended beam acted upon by a
percentage of the beam flange force in the form of a uniformly dis-
tributed load (Fig. 36). The only difference in the equations used
previously for 0ws and 0Wb is that wand V
o
are reduced to w
m
and
V since for wide flanges the dimensions of the stiffener are
om
,basically the same as the flange connection plate assuming the same
thickness is used.
Shown in Table 12 are the deflections of the column web
predicted by the preceding procedure along with the finite element
produced deflections. The value of the force going to the stiffener
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for these calculations is the exact value as computed from Table 6 •
However, the designer who does not know the exact value may use the
approximate expressions in Fig. 17 for determining how much flange
force enters the column web and stiffener, and get very good results.
The values in Table 12 are reasonably close to the finite element
analysis values as shown by the ratio in the right column.
The effect on column web displacement of extending the
flange plate 51 mm (2.0 in.) beyond the column tip is shown in Fig.
37. The deflections are reduced, not because there is additional
stiffness in that area, but because the plate extension has the
effect of transferring more of the flange force to the stiffer column
flange and less to the highly deformable column web region.
An increase in the thickness of the column stiffener also
causes a reduction in web deflection as seen in Fig. 38. The thicker
stiffener will tend to attract more of the beam flange force to the
column web region. However, this increased force, very small as was
shown previously, is overcome by a more pronounced increase in stiff-
ness to produce an overall net decrease in deflection.
To see if the concept of the deflection of a beam relative
to the junction of the beam with the column, being composed of the
four components previously outlined, is correct, several examples
were tested. Shown in Table 13 is the summary of one such study for
the case of no column stiffening (Case 2). Shown in the second last
column are the beam deflections from the Level I finite element runs.
The beam lengths were 1372 mm (54.0 in.) from the centerline of the
column to the point of load application. The beams were acted upon
-59-
••
by both shear" and moment applied at the end. The values ~' ~s' and
~¢ are respectively the bending, shear and rotational deflection
computed for the loading using the procedures described. These com-
putations were made because these values were not given as separate
quantities in the analysis. "The values of ~ are beam deflections
w
computed using the column web deflections given in Level III finite
element runs. There is very good agreement. Had the finite element
mesh for the Level I runs been finer, agreement may have even been
better.
The Level III finite element mesh column web deflections are
used here to check the concept of the four deflection components
using precise values. Since the web deflections can be reproduced
with reasonable accuracy by hand computations, the overall deflection
comparison using hand computations completely would be very close to
the finite element deflections. The finite element deflections in
this study are considered to be as close as possible to the true
deflection.
The same type of calculation of deflections was done for
"the case of the column stiffener and the results are shown in Table
14. Again there is very good agreement between computed and finite
element results.
An important item to note in the calculations is the magni-
tude of the contribution of the column web displacement to the over-
all beam defiection. For example in the case of no stiffener, the
web deflection contributed 42 percent of the total deflection for
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Connection 5. These web contributions are large in these examples
because the beam spans are short and because the beam moment varies
from one sense to the other reducing the bending contribution.
Should the beams be much longer and the moment be of the same sense
throughout, the contribution of the web to the total deflection would
diminish quite substantially.
The true test of the accuracy of the deflection prediction
procedure comes with a comparison of the finite element beam de-
flections from Level I, treated here as the true deflections and the
values predicted using the theories presented. Such comparisons are
made in Tables IS, 16 and 17 for the column stiffener, no column
stiffener and no weld cases respectively.
There is very good agreement between the computed and
finite element values for all cases except perhaps for Connection 5
in the stiffener case. The best agreement appears to be in the no
stiffener and no weld cases with only one value in each table devia-
ting by more than 11 percent. It is important to note in calcula-
tion of the deflections that ~¢' ~b and ~s are the same for a con-
nection in each of the three cases. This is because the method of
computing those quantities is independent of the exact way the Type
A web connections are attached to the column. The effect of con-
nection case is accounted for by the quantity ~ , the beam deflection'
w
due to column web deformation •
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2.11 Beam Web Behavior at Cope Hole
Another component of the deflection of the beam in a Type A
web connection is the shear deflection of the beam web immediately
below the beam web cope hole. Although this quantity contributes to
the deflection total, its relative contribution is minor and therefore
does not warrant a detailed investigation as to how it may be cal-
culated.
A plot. of the deflection of the flange connection plate and
beam flange directly adjacent to the beam web for Connection 1 is
given in Fig. 39. This plot is from the column web to a short dis-
tance beyond the column flange tip. In this figure, the deflection
plotted is basically due to the rotation of the beam column joint
projected out from the column web the appropriate distance. The in-
teresting feature of the plot is the deviation of the plot from ap-
proximately a straight line in the region of the column flange tip
and then returning to an approximately straight line after that
point. The jump in deflection and change in slope occurs directly
adjacent to the cope hole in the' beam web.
The cope hole in the beam web is required whenever the beam
flange is groove welded to the flange connection plate. Such a hole
is introduced to allow the placement of a back-up bar for use in
making the transverse full penetration groove weld. Cope holes are
also present in flange-bolted and web-bolted connections due to the
noncontinuous nature of the beam web bolting. Examples of beam web
cope holes are shoWn in Fig. 40 .
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The effect of introducing the cope holes is to change the
beam web shear stress distributed from that of a wide-flange beam
with nearly uniform web shear stress to that of a rectangular beam
where the shear stress distribution is parabolic. The parabolic
distribution does not make full use of the web area to resist shear
loads as is done in the case of a wide-flange beam. Also, the beam
web and flanges act like independent beams, lessening. the ability of
the system to resist bending moments as well as shear. As was shown
earlier, the cope hole introduces large bending moments in the
flanges. This, in turn, due to the orientation of the flanges,
introduces high bending stresses in addition to the existing flange
axial stresses introduced when the two flanges try to resist the
bending moment as a couple.
Thus, it is apparent that these cope holes introduce addi-
tional displacement components as well as additional stresses to the
beam. Although cope holes are necessary for the fabrication of web
connections, the size of cope holes should be minimized as much as
possible to reduce deflections and stresses in that region on the
beam.
2.12 Connection Panel Zone Shear Deformation
In a final item relating to deflections, in Ref. 33, it was
found that connection shear deformation contributed to the deflection
of attached beams and that frame analysis should be modified to in-
clude its effect. In this reference, column flange connections were
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considered with the column web alone resisting the connection panel
zone shear.
For the case of web connections, due to the orientation of
the column, the two column flanges acting as rectangular cross section
members resist the shear. Although in the column flange connections
the shear stress distribution is uniform compared to the parabolic
distribution in the column 'flanges of web connections; the much
larger area available to resist shear in the web connections reduced
the shear deformations. 'For commonwide.... f1ange shapes used as
columns the area of only one flange is much larger than the web area
and therefore any shear deformation in column web connections would
be less than one-half of comparable deformations in column flange
connections.
2.13 Web Connections 'and FractliteMechanicsBehiivior
One final area in the discussion of web connections which
warrants some attention is the implication of fracture mechanics upon
the behavior of web connections. In the distant past, fracture
mechanics with terms such as brittle fracture, crack growth, and
fracture toughness were not even considered in the design of civil
engineering structures. The lack of consideration was not due to the
fact that the problems or potential for problems did not exist but
rather the lack of proper-analytical techniques for predicting
fracture situations. Also, the designers unknowingly were spared many
problems with fracture related situations by the use of highly
redundant structures, the use of milder steels, less dependence upon
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welding, and higher factors of safety due to the less complex and
sophisticated analysis techniques.
However, with the increasing knowledge of the field of
fracture mechanics more emphasis is being placed upon confronting
possible fracture situations and dealing with them~ This interest
is generat~d d"e t n so~e recent catastrophic failures of structures
caused by ignorance or lack of concern .for potential problems. The
use of less redundant structures~ the use of high strength steels
and thicker plates, the increased use of welding and the more sophis-
ticated structural analysis techniques have also contributed to the
increased interest.
The increased emphasis with respect, to civil engineering
structures seems to have centered upon bridge design due to the nature
of the large number of repetitive loadings caused by car, truck and
rail traffic leading to fatigue problems. However, as shall be seen,
fatigue is only a part of the total number of items which can lead
to brittle fracture. It is for these reasons that emphasis upon
designing all structures from a fracture mechanics point of view, in
addition to strength, stiffness and ductility, must be considered.
There are three primary factors that control the suscepti-
bility of a structure to brittle fracture (Ref. 34). They are:
material toughness, crack size and stress level. Toughness is de-
fined as the ability of a material to absorb energy. Mater.fal tough-
ness depends upon chemical composition, temperature, constraint and
loading rate among others. Crack size is the size of a flaw in the
material which may be caused in welded structures by lack of fusion,
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welding, and higher factors of safety due to the less complex and
sophisticated analysis techniques.
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ticated structural analysis techniques have also contributed to the
increased interest.
The increased emphasis with respect to civil engineering
structures seems to have centered upon bridge design due to the nature
of the large number of repetitive loadings caused by car, truck and
rail traffic leading to fatigue problems. However, as shall be seen,
fatigue is only a part of the total number of items which can lead
to brittle fracture. It is for these reasons that emphasis upon
designing all structures from a fracture mechanics point of view, in
addition to strength, stiffness and ductility, must be considered.
There are three primary factors that control the suscepti-
bility of a structure to brittle fracture (Ref. 34). They are:
material toughness, crack size and stress level. Toughness is de-
fined as the ability of a material to absorb energy. Material tough-
ness depends upon chemical composition, temperature, constraint and
loading rate among others. Crack size is the size of a flaw in the
material which may be caused in welded structures by lack of fusion,
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porosity or a simple material notch caused, for example, during fab-
rication. These flaws, present to some degree in all steel struc- .
tures even after careful inspection, may start out small and be
driven to a larger and perhaps critical size by fatigue or stress-
corrosion. Stress level is the magnitude of the tensile stress
present in the material. This is due to the nominal bending and
axial tensile stresses in a member perhaps compounded by stress con-
centration factors and shear lag caused by geometric transitions.
The effect on these three variables of the peculiar char-
acteristics of web connection will now be discussed from a qualita-
tive standpoint. This is done with respect to what factors in web
connections can cause reduced fracture resistance and how these
factors might be dealt with to improve a web connection's suscep-
tibility toward brittle fracture.
The potential problem area from a fracture standpoint in
web connections is the point where the beam flange is attached to
the flange connection plate, particularly the point on the edge of
the beam flange marked A in Fig. 41. The critical variables of
crack size, material toughness and stress level are discussed in turn
as they are affected at point A in the figure.
From a fabrication standpoint, material at point A exper-
iences several processes which could introduce cracks. First, the
beam flange must be cut to the desired length at this point. Also,
the flange connection plate must be cut to size. Then, the beam
flange is welded to the flange connection plate by a full penetration
-66-
••
groove weld. All of these procedures have the potential to introduce
cracks or flaws in the material at Point A. Welded structures always
have flaws although proper procedure and inspection can minimize
them. Thus. there are cracks present at Point A but nothing unusual
with respect to size and number compared to other welded structures.
One of the factors affecting material toughness is the con-
straint or state of stress ahead of the flaw or crack. It is for
this reason that the material toughness is adversely affected in the
vicinity of Point A. The proximity of Point A to the flange plate-to-
column flange fillet welds causes a large constraint to be placed
upon the material. After the fillet weld connecting the flange plate
to the column flange is made. the weld cools and shrinks inducing
large tensile stresses in the y-direction in the flange plate due to
the lack of flexibility of the column flange. Introduction of the
beam flange applied stress (a ) at Point A induces additional stress
x
again due to the column flange restraint. cry stresses are introduced
by bending moments caused by the out-of-plane motion of the flange
connection plate. Also. the placement of the transverse full pene-
trating groove weld induces stresses due to weld shrinkage upon
cooling. These biaxial stresses due to Poisson's effect cause a or
z
the plate increases.
•
through thickness stresses which become larger as the thickness of
The a and a stresses restrict the flow in they z
x direction and therefore. what appears to be a uniaxial stress state
in terms of the beam flange stress a turns out to be a triaxial
x
state. The restraint against plastic flow causes extremely high
elastic stresses at the crack tip. Because of the restraint, the
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stress state resembles plane strain rather than plane stress. Tough-
ness is affected by the state of stress with material toughness being
a minimum under plane strain conditions. Since the material in the
vicinity of Point A is under a plane strain state of stress, the
toughness is at its minimum, considerably lower than would exist had
a plane stress state existed.
The third'item influencing fracture behavior is the stress
state. Tensile stresses are required to open a crack and cause
brittle fracture. As was just seen, the beam flange normal stress
cr causes cr stress due to the restraint. However; there is a much
x y
more detrimental effect as far as the stress state is concerned.
This is the stress concentration at Point A. The stresses in the x
direction at Point A are not merely MclI stresses. The MclI stresses
are increased by the stress concentration factors and shear lag
present at Point A due to geo~etry and constraints as was detailed
in a previous section. The beam stress wants to flow from the beam
to the high stiffness of the column flange leaving in its wake large
stress concentrations at the transition from the beam flange-to-
flange connection plate. The magnitude of these stress concentrations
for varying a values has been discussed earlier in this chapter. In
addition to the stress concentrations being a function of a, and the
stiffness variation in the flange connection plate, they are also in-
fluenced by the sharpness of the transition between the beam flange
and flange connection plate at Point A. Also due to the placement
•
of this column flange fillet and transverse beam flange groove weld,
-68-
•
residual stresses are present to further increase the stresses in
the critical region at Point A.
Thus, in summary, two of the three parameters affecting
fracture behavior are adversely influenced in web connection details.
he material toughness is related to crack length and stress state as
follows:
•
KI , = C a ra
.J
KIc plane strain fracture toughness=
C = a constant which is a function of the
specimen and crack geometry
a = stress
a = crack size
Rearranged this equation becomes:
(2.10)
(2.l0a)
•
Therefore, in web connections the low toughness and high
stresses near Point A of Type A web connections yield correspondingly
small values of tolerable flaw size. The smaller the flaw size, the
more likely that such a flaw exists, and the more likely that it may
be overlooked in any inspection program.
In Type A web connections, the potential exists for possibly
improving the fracture situation. The susceptibility of the connec-
tion to fracture could possibly be reduced by extending the flange
connection plate a short distance beyond the column flange tip to
Point B as shown in Fig. 41. This improves the fracture situation at
Point A in several ways. First, it lowers the stress level by re-
clueing the stress concentration as was seen in a previous section.
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~lso, by extending the plate by 51 mm (2.0 in.), or some other de-
sired extension length, the transverse groove weld is also moved.
This move reduces but probably does not eliminate the residual stres-
ses at 'Point A which further lowers the stress level. Since it is
questionable whether welding reduces toughness, it cannot be said that
moving the weld improves toughness, but on the other hand, it cannot
lower the toughness of the materials. Also, moving the transverse
weld from Point A removes a large source for possible flaws.
However, perhaps in extending the flange plate the fracture
problem has just been transferred from A to B. Ghis is not the case.
The stress concentration at B for the plate extended is slightly be-
low that at A for the plate not extended. This combined with the fact.
that as the distance from the column increases (within a short range),
the moment on beams with moment resistant connections usually decre-
ses from high negative or positive values. This then reduces the Mc/!
stress in the beam flange. Because of the reduction in the restraint
due to the greater distance from the column flange, the toughness of
the material will most likely approach the higher plane stress value
rather than the lower restraint-induced plane strain quantity.
Thus, the extension of the flange plate a short distance be-
yond the column flange tip seems to have several beneficial effects
as far as fracture behavior is concerned. Other ways of improving
fracture susceptibility include the avoidance of Case 2 and 3 type
connections. These connections produce higher stress concentrations
at Point A compared to Case 1 connections.
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3. THEORETICAL ASPECTS OF TYPE B WEB CONNECTIONS
3.1 Introduction
The previous chapter dealt in considerable detail with Type
A beam-to-beam web moment connections. This is the most common type
of web connection fabricated.
However, there exists another type of web connection detail
which is used in steel construction and deserves investigation. This
is the Type B connection shoWn in Fig. 4. For this connection, the
beam flange is welded only to the column web, through the use of a
full penetration groove weld. The beam web is commonly attached to
the column web through an intermediate plate which is shop bolted or
shop welded to the beam web and field bolted to the column web. The
shop weld made to join the intermediate web plate to the column web
is either a fillet weld or a full penetration groove weld.
This type of web connection is not used as frequently as
the Type A connection due to concerns over the strength and stiffness
of such connections as will be discussed later. For Type A con-
nections, the primary region of concern was the beam flange connection
plate region, an area of complex stress patterns. For Type B, the
area of importance is in the beam flange and column web at their
junction. Items to be discussed in this chapter, to provide insight
into the performance of Type B web connections are:
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1. Load-deflection behavior
2. Column w~ deflections
3. Column web bending
4. Beam flange stress concentration and punching
shear
5. Column web stiffening
3.2 Finite Element Analysis
•
•
Although the Type B detail is somewhat less complex from
a stress standpoint compared to the Type A detail, there still exist
no closed-form solutions of this web connection to predict deflections
and stress distributions. Again as in the previous chapter, a
numerical approach must be relied upon to provide a means of investi-
gation of the web connection behavior. The numerical technique chosen,
for the reasons outlined previously, is the finite element approach
utilizing the SAP IV computer program.
For the Type B connection, the same SAP IV element library
is used as was used for the Type A connection. The regions under the
closest scrutiny were modeled by plane stress and plate bending
elements. Areas further from the point of interest were simulated
using beam bending elements with stiff linear springs again used to
introduce displacements and rotations into the structure.
Whereas the approach for the study of Type A web connections
was to conduct a one phase, three level finite element analysis. the
approach for the Type B connections was slightly different. The
-72-
••
•
procedure involved running a two level analysis similar to the Type A
connection analysis and a separate one-step analysis concentrating
on the tension flange and column web. These were called Phase I and
Phase II respectively.
Phase I, as in the Type A connections, comprised a study of
connection assemblages composed of actual wide-flange beams and
columns, except here only six assemblages were studied. The six con-
nections were the same as those in the previous study and are listed
in Table 1. Connection 3 was not included in this study because it
has an a value of 1.00, meaning it has a beam flange width equal to
the clear distance between column flanges and would not fall into the
class defining Type B connections. The sections 'comprising the sub-
assemblages were chosen to utilize a variety of shapes commonly used
in web connection and steel building construction~ The two major
variables were column web thickness (t ) and the ratio of the beam
w
flange width to clear distance between column flanges (a), with these
values also being tabulated in Table 1.
3.2.1 Phase I Study
The Phase I study involved a detailed analysis of the six
connection assemblages discretized by finite elements and was con-
ducted using the SAP IV finite element analysis program with the aid
of a high speed computer. The analysis involved two levels (I,ll) of
finite element runs. Level I runs were characterized by a very crude
mesh encompassing the entire beam and column assemblages. The Level IT
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runs concentrated on a specific localized area, enabling the use of a
finer mesh to get a better picture of the stress patterns. Again,
as in Type A, the reason for this two step procedure was economics,
theorizing that it was more economical to run two smaller computer
solutions versus a single larger one. The loadings applied to the
connections analyzed in the Level I runs were column axial load and
beam shear and moment. For the Level II runs, no loads were applied.
Displacements and rotations from the Level I runs were applied at the
nodal points comprising the boundary of the Level II mesh. Thus the
internal stresses obtained from the Level II runs reflected the true
stresses in the assemblage, had only one large mesh been considered.
Before modeling any structure by finite elements, it is
usually necessary to make simplifying assumptions. Web connections
are no exception. For both phases of the Type B web connection study,
only welded connections were considered. Bolted connections, whether
on the beam flange or the beam web~ are difficult at best to model.
Since there are many general characteristics of web connections to be
observed regardless of welding or bolting, the small amount of infor-
mation to be had by modeling bolted web connections did not warrant
the large effort needed to extract such information.
The beam flange in all cases was assumed to be welded to the
column web by means of a full penetration groove weld. The beam web
was assumed to be welded directly to the column web. which in practice
is not feasible due to physical restraints making the placement of such
welds very difficult.
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Shown in Fig. 42 is the finite element discretization of the
beam and column connection assemblage used for Level I runs. The col-
umn flanges and beam web were modeled by plane stress elements and the
beam flange and column web by plate bending elements. The mesh is
identical to that used in the Type A analysis shown in Fig. 5, except
in Fig. 42, there exists no connection of the beam flange to the col-
umn flange. This necessitated the addition of several more nodal
points. The boundary conditions were that the top and the bottom of
the column were assumed to be hinger (zero moment) with the top of the
column allowed to shorten under an applied axial load. Very stiff
beam elements were used at the ends of the plate bending and plane
stress elements adjacent to the column hinges to allow for a better
transfer of the applied column axial load into the column. Beam shear
and bending moments were applied by a series of concentrated loads to
the nodes at the end of the beam.
Twelve different load cases were run for Level I, just as was
done for the Type A connections. These are listed in Table 2. The
philosophy of load application is the same here as in the previous
study. Th~ beam shear and moment applied to the end of the beam
were adjusted so that the moment in the beam at the column web center-
line was the allowable beam bending moment based upon a bending stress
allowable derived from the assumed steel yield strength. Beam loads
were applied to obtain tension in the bottom flange at the column web.
For this study, it is assumed that the steel yield strength was
. 2345.7 MN/m (50 ksi). The beam shear loads were also adjusted to apply
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varying percentages of the shear load required to cause shear
yielding of the beam web. The percentages of the shear yield load
applied in different loading cases were 10, 30, 50, and 70 percent.
Also, the column axial load as a percentage of the axial load required
to cause yielding of the column in the absence of bending moment was
varied for different load cases. The percentages were 0, 25, and 50.
For the assemblages in Level I, as well as all the other
levels, the presence of a vertical plane of symmetry through the beam
and the column permitted the use of only half the structure when
modeling by finite elements, providing the proper restraints were
applied to nodes on the line of symmetry.
Once the computer solution of the Level I mesh was com-
pleted, the displacements at certain nodes in this mesh were saved
for use in Level II runs. The Level II mesh was taken to be the
area centered about the beam tension flange connection to the column
web. This region is shown in Fig. 6 and is the same region considered
in the Type A Level II analysis. Plane stress elements were used to
model the beam web and plate bending elements were used for the beam
flanges and the column web and flanges. Plane stress elements were
also used at the bottom of the model for the column flange because
triangular elements may not be formed using plate bending elements.
To this discretization were applied the appropriate dis-
placements and rotations at the boundary as taken from the Level I
runs. The displacements and rotations were applied to the boundary
of the mesh utilizing stiff linear springs. Where new nodes were
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created on the boundary for which no displacements were available
from Level I, linear interpolation between known displacements was
performed. No external loads were applied to this finite element
model.
In Fig. 6, it appears that the beam flange is attached to
the column flange. However~ in the actual analysis, these plate
bending elements between the beam flange edge and the column flange
were given a very low modulus of elasticity (0.0001 times the modulus
of elasticity of steel). This reduces the stiffness of these elements
to almost zero and from an analysis standpoint. they are effectively
removed from the analysis, leaving the desired connection model.
Also, for Levels II runs, as in Level I, the option existed to use
column stiffeners. The column stiffeners were modeled by plane stress
elements using the technique previously described of a very low mod-
ulus of elasticity when stiffening is not desired.
Unlike the Type A web connection study, no Level III computer
study was conducted. Going to another level, meaning a more localized
study, would serve no significant purpose. This is because the region
of the beam flange at the column flange tip does not have nearly the
complicated stress patterns as in Type A connections.
For the six connections in Table 1 which were considered,
two different variations in the web connection geometry were investi-
gated. They were the case of column stiffening (Case A) and the case
. of no column stiffening (Case B). For the case of stiffening, it was
assumed that the column stiffener thickness was the same thickness
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as the beam flange (unless noted otherwise) and the stiffener was
welded to both the column web and flanges~
3.2.2 Phase II Study
In addition to the investigation of Type B web connections
previously described, another separate independent analytical study
of web connections was undertaken~ This study is a one level inves-
tigation of a particular area of a web connection, namely the region
of the beam tension flange and the column web. This study was again
conducted using finite element modeling of the region in question with
numerical analysis performed using SAP IV.
Shown in Fig. 43 is a view presenting the region under
investigation and the specific region discretized by finite elements.
The part of the web connection modeled is the beam tension flange
only (no beam web) and a portion of the column, including web and
flange as well as any column stiffener which mayor may not be present.
These are critical areas of concern in Type B connections and their
behavior could best be analyzed by isolating the region and performing
an in-depth analysis making some justifiable and simplifying assump-
tions.
Figure 44 is a view looking normal to the column web showing
the column web and flanges. The beam tension flange plate is assumed
to be attached to this web plate along the lower horizontal line on
this mesh. Because two planes of symmetry exist, only one-fourth of
the region under investigation needs to be modeled. On the left in
the figure is the line of symmetry along the mid-height of the column
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web. Because of symmetry, the boundary conditions along this line
are that the rotation about the y-axis and displacement in the x-axis
direction are zero. The line along the bottom edge of the discretized
region along which the tension plate is connected is the line of
symmetry perpendicular to the length of the column. The boundary con-
ditions along this line are that the rotation about the x-axis is zero
as is the displacement in the x-axis direction.
The length of column web chosen for the analysis was 76.2 cm
(30 in). This length starts at the point where the tension flange
plate is attached to the column web and extends to the point at the
top of Fig. 44. This length was chosen because it was felt that over
this distance, the web deformation due to the tension plate would re-
duce to nearly zero. Consequently, along this edge the boundary
conditions are that the rotation about the x-axis and displacement in
the z direction are zero.
The column web was modeled by plate bending elements in order
to be able to capture the out-of-plane deformation of this structural
component. The web was modeled by a finer mesh closer to the tension
plate with a coarser mesh farther from the plate.
Rather .than modeling the column flange as a series of plate
bending or plane stress elements, the flange was modeled by one row of
beam elements. These beam elements were oriented in the plane of the
column web with the longitudinal axis of the element parallel to the
y-axis. The properties of these beam elements reflected the entire
column flange at a particular cross section. The moments of inertia
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about the three local mutually perpendicular axes were computed
. using the entire flange. This concept of modeling the column flange
is valid because the prime region of interest in the study is a dis-
tance away from this edge and such an approximation will not adversely
affect stress distributions at this point. The primary goal was to
simulate the column flange bending and torsional stiffness and its
effect upon the stress distributions and deformations of the column
web. This line of beam elements was free to rotate and displace, as
the column flange would do in an actual connection. This concept is
analogous to one employed in Ref. 41 where, in a study of rectangular
tube connections by finite difference, the walls of the tubular col-
umns parallel to the axis of the tubular oeam were modeled by a
flexural ridigity term. This technique enabled the author to con-
centrate on his study of the column face to which the beam was at-
tached without needlessly complicating the problem.
Shown in Fig. 45 is a view looking perpendicular to the sur-
face of the flange tension plate and column stiffener. Shown slightly
below mid-height in the figure is a cross-section of the column web
and the beam element on the right representing the column flange.
Again, because of symmetry, the boundary on the left side in
the figure which coincides with the centerline of the column web was
restricted from movement in the x-axis direction and rotation about
the y-axis. This was true in both the stiffener and the tension plate.
In the lower right corner of the figure, adjacent to the col-
umn stiffener, is aline of beam elements represently the column
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flange. These beam elements served a different purpose than those
described earlier which were adjacent to the column web. These
beam elements were used to represent a large axial stiffness, pro-
viding a place to which the force in the stiffener may migrate. The
moments of inertia used in these elements were very large because it
was desired that these elements act as a rigid bar. It was intended
that they rotate in the plane of the stiffener to the same degree as
the node at the junction with the column web. Thus, the displacement
of the simulated rigid flange in the x-direction would be equal to
the rotation of the web-flange junction times the distance from this
junction to the point in question. This was the same type of beha-
vior exhibited in actual connections. In such connections of wide-
flange shapes, the flange thickness was larger than the web thick-
ness allowing most of the bending to occur in the web with a rota-
tion of the column flange-web joint and with the flange displacing
laterally as a function of the rotation at the web-flange junction.
Without the high axial stiffness of these elements, all of
the tension flange force would be attracted to the beam elements
which are parallel to the column web and which model the stiffness
of the column flange and negligible force would go into the stif-
fener providing an erroneous representation of the true situation.
When no stiffener is used, these elements merely ride along with
the connection, experiencing no force and adding no stiffness to
the longitudinal beam elements.
The tension flange plate as well as the stiffener were
modeled by plane stress elements. For the tension plate, different
-81-
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plate widths could be modeled by allowing the elements in certain
sections of the plate to have a very low modulus of elasticity. The
same method was used to remove the stiffener. For a majority of the
runs, the thickness of the tension plate and stiffener was 1.27 cm
(0.5 in.) which corresponds to 2.5 cm (1.0 in.) plates if no sym-
metry were used.
The two major variables in this study were tension flange
plate width and column web thickness. Also, as the column web
thickness was varied, the column flange plates, or more appropriately
the beam elements used to model the column flange were correspond-
ingly varied to maintain realistic proportions between the flange and
web stiffnesses. Five different column sizes were examined as well
as four different tension plate widths for each of the column sizes •
The tension plate widths were 25, 50, 75 and 92 percent of the depth
of the column web, measured center-to-center of column flanges. The
connections were labelled as lA, lB, .. 5D where the numerical desig-
nation is the connection number and the letter indicates the tension
plate width as a percentage of the column web depth. (A indicates 25
percent and D indicates 92 percent of the depth of the column.) In
addition to these variables, each connection studied was examined
with and without the presence of column stiffening. The column web
thicknesses of Connections 1 through 5 respectively were 4.76, 2.86,
2.13, 1.57 and 0.75 cm (1.875, 1.125, 0.840, 0.620 and 0.294 in.)
with column depths between flanges of 39.8, 36.7, 35.6, 30.2 and
29.0 cm (15.657, 14,437, 14,002, 11.894 and 11.424 in.) The designa-
tions of the five column sections were: W14 x 426, W14 x 246, W14 x
184, W12 x 106, and W12 x 40.
••
•
3.3 . Load-Deflection Behavior
One of the most important characteristics of a structural
system be it a connection or an entire building is its elastic load-
deflection behavior also referred to as stiffness. Since deformation
of a connection contributed to overall deformation of a structure,
knowledge of connection stiffness is important.
As in Type A connections, the overall load-deflection behavior
of assemblages of which Type B web moment connections are a part is
comprised of four components. They are: deflection of the beam due
to rotation of the beam column joint caused by column bending (6¢),
deflection due to bending deformation of the beam (6b), deflection
due to shear deformation of the beam (6 ~, and deflection of the beam
due to out-of-plane deformation of the· column web (~). These are
illustrated in Fig. 31.
The deflection component due to joint rotation 6¢, is a
function of the weak axis moment of inertia of the column, moment
applied by the beam on the column, column length, and end conditions
on the column. The value of this rotation can be obtained from the
analysis of a structure using computer techniques or by hand using
available techniques such as moment distribution or slope deflection.
Once the joint rotation is obtained, the beam deflection is merely
equal to the joint rotation times the length of the beam measured from
the centerline of the column web. This type of deflection is present
in all types of connections including connections to the column flange.
However, the deflection component is much larger on web connections
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because the orientation of the column causes the column to be bent
about its weak axis with a much smaller moment of inertia leading to
larger rotation and larger deflection. The deflection due to joint
rotation then can be expressed as:
(3.1)
where
cr j joint rotation
~ = beam length from centerline of column
The deflection 6b is the conven~iona1 deflection due to
bending which is computed by standard techniques and is independent of
the type of connection. For the case of a concentrated load on the
end of a cantilever beam attached to a web connections the bending
•
deflection is:
where
p ~3
3 EI
P = beam load
(3.2)
~ = beam length measured from column centerline
E = modulus of elasticity
I = beam moment of inertia
The deflection due to shear 6
s
may be computed by:
6
s
where
V~
=-
AG (3.3)
•
v = beam shear
beam length measured from column centerline
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A = area of beam web
G shear modulus
It is obvious that considering only these last two components of
deflection, the Type B connection will always yield a greater def1ec-
tion than a comparable Type A web connection due to the difference in
length of beam.
The beam deflection due to the out-of-p1ane motion of the
column web is a quantity for which there is no simple means of cal-
culation. This component of deflection will be discussed more in de-
tail in the next section. However, some values computed in the finite
element analysis showing the contribution of this component of deflec-
tion are presented here.
Shown in Table 18 are the beam tip deflections for the six
connections obtained from the Type B Phase I, Level I analysis. Also
shown are the deflections of the beam due to column web deflection
computed using the web deflections obtained from the Level II analysis.
of the same six connections. The web deflections were transformed to
beam deflections by the following formula:
6
w (3.4)
•
where
0 = out-of-plane deflection of column web at
web
beam tension or compression flange
db beam depth center-to-center of flanges
5/, = beam length measured from column web.
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From the column on the right in the table, it is obvious
that the contribution to total deflection by the column web varies
for different connections. For the case of no stiffeners, the con-
tribution varies from 28 percent to 95 percent of the total deflec-
tion. The smallest contribution of 28 percent occurs on a connec-
tion having a large column cross-section with a thick web. Hence,
the large web thickness and its resulting large stiffness lead to a
small web deflection. On the other hand, Connection 7 with a small
web thickness has a very large web deflection contributing approxi-
mately 95 percent of the total beam deflection. Thus, f9r the case
of small columns with their correspondingly thin webs, the column
web contribution to connection load-deflection (stiffness) behavior
can be significant. The percentages mentioned above may be mis-
leading when a comparison between connections is made. None of the
connections have the same moment diagram so that the other three
deflection components' are not the same to form a solid basis of
comparison. However, the percentages have enough validity to make
the generalizations regarding col~mn web to overall beam deflection.
For the case of column stiffening present, the deflection
contribution is considerably reduced with the contribution varying
from 14 percent to 32 percent of the total deflection. For Con-
nection 1 with a large web, the deflection is controlled by both the
stiffener and the column web. However, for Connection 7, the web
is so thin that its stiffness contribution is small leaving the
stiffener as the only means of controlling the deflection, hence
leading to a larger relative deflection. The reason for the larger
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drop in web deflection for the case of column stiffening for
smaller web connections is that for these conne~tions, the stiffness
contributions of the stiffener far overshadows the stiffness con-
tribution of the column web alone.
Using the techniques described in this section, the
various components of deflection were computed and are shown in
Table 19. Again~ the component of deflection due to the column web
deflection is that obtained from the Level II analysis. In the right
hand column of that table is the partially theoretical total beam
deflection.
A major point should be observed when evaluating these
deflections. The same loads were applied to these assemblages as
were applied to those in the Type A analysis. However, the beam
deflections are quite a bit different for the two types. Also,
important is the fact that for Type B, the shear and bending
deflections were only slightly higher than analagous deflections
for Type A owing to the fact that the beam length was increased
by half of the column flange width. The deflections due to joint
rotatipn were identical because the moments applied to the column
by the beams were the same. The component of deflection which
differs the most between the two types is the deflection due to
column web deformation, with the difference being quite substantial.
This was to be expected due to the large decrease in flange in-plane
stiffness in going from Type A to Type B web connections. This
large web deflection for Type B connections and resulting low
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stiffness is the major deterrent to the use of such connections.
The next section will discuss the web deflection in more detail.
Shown in Table 20 is a comparison of the computed deflection
using the methods described in this section and the beam deflections
obtained from Level I of the finite element analysis which here were
taken to be the most correct deflection. The ratio in the right
hand column points up the very good agreement between the two values
verifying the four basic components to the connection deformation.
3.4 Column Web Deflection
In the previous section, the overall deflection of a
beam attached by means of a web connection to a column was decomposed
into four different components. Three components of deflection
were computed by the methods described and were shown, when
combined with a finite element computed web deflection, to be a
very close approximation to the beam deflection provided by the
Level I analysis. This section will deal with discussion of a
method of computing web deflections for some Type B web connections
and a discussion of factors affecting web deflections.
As previously mentioned, the largest difference in Type A
and Type B web connections from a deflection standpoint is the out-
of-plane motion of the column web under the action of the beam flange
tensile or compressive force. The major reason for this difference
is that in Type B, one hundred percent of the flange force is
-88-
••
•
transferred to the column web and stiffener if one is present. For
Type A, depending upon the particular geometry case, some of the
force goes directly into the column flange through the flange con-
nection plate and is not available to deform the column web. The
attachment of the flange connection plate to the column web acts as a
stiffener to controllthe column web deflection.
Before discussing the major factors affecting column web
deflections, a word should be said regarding force transmission in
Type B web connections. For web connections, the column is oriented
so that bending of the column, due to a moment applied to it from a
beam occurs about the weak axis. Because the column web falls on
the neutral axis for such bending, it contributes nothing to the
bending resistance of the column. The flanges of the column must
provide all of the bending resistance. Therefore, for an efficient
web connection, the beam flange force must quickly and as directly
as possible, be transferred to the column flanges. The act of the
beam flange forces going through the column web to the load carrying
column flanges only serves to deform and stress the very flexible
column web which only serves as a weak link in the stress transferring
procedure.
For Type B web connections with stiffeners, the procedure for
transferring the force to the column flanges is efficiently done by
providing a path for the beam flange force to the column flange. This
is a path with high stiffness because a horizontal stiffener oriented
in that plane presents a high stiffness to in-plane deformations.
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However, for the case of no column stiffener, the flange force must
go to the column flanges via the column web. The column web, being
relatively thin and being loaded normal to its plane, does not present
much stiffness and therefore is very prone to deformation. This de-
formation is much larger than for any of the cases of Type A con-
nections and consequently leads to large beam deflections. Also, as
will be shown later, the process of the large column web deformations
also leads to large column web stresses. It is for these reasons
that Type B web connections without stiffening are currently not
looked favorably upon by designers if the beam load is of any sub-
stantial magnitude. In any event, both the stiffened and unstif-
fened web connections will be discussed in this chapter.
There are two basic components of column web deflection
regardless of whether or not column stiffening is present. The first
and major contributor is the combined bending and shear deformation
.
of the column web or column web-stiffener system with respect to the
column web-flange junction. The second is the rotation of the web-
flange junction. The first component is always present, to varying
degrees, regardless of stiffener presence. The second component is
also present in both cases, but for the case of the column stiffener,
the rotation is negligible.
Shown in Figs. 46 and 47 respectively, are the column web
deflection profiles for Runs 2 and 5 of the Phase I study. The upper
curve in each figure is for the case of no stiffening, while the lower
curve (lower two in Fig. 47) are for column stiffening present.
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The presence of stiffness, or lack thereof t and its contribution to
the magnitude of deflection is certainly evident from the figures.
Also apparent is the contribution to deflection by the column web-
flange joint rotation. That.joint is at the right in the figures.
For connections having stiffeners,the slope of the deflection curve
at the column flange-web junction is nearly zero t indicating almost
no rotation of the joint. For the case of no stiffening t there is a
large joint rotation which is a major contributor to the overall web
deflection.
There is one ramification of this large joint rotation which
will only be mentioned here but not dealt with in detail. The joint
rotation occurs in spite of the thick column flanges. When the joint
rotates, the column flange rotates which causes the flange to move
out of its normal plane (Fig. 48). This out-of-plane motion is local
and dies out as the distance along the column from the connection
increases. The out-of-plane deformation is a function of applied
load and torsional resistance of the column flange and bending re-
sistance of the column web~ Should the column be under a considerable
axial load, this out-of-plane deformation could be compounded by the
effects of the axial load leading to large local distortions
threatening the ability of the column to sustain the axial load due to
the formation of local buckle regions. This effect would be more
likely to occur in small wide flange shapes used as columns rather
than large shapes due to the slenderness of the flanges. Photos
showing this deformation are presented in a later chapter .
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For the case of column stiffening, Figs. 46 and 47 illustrate
the large influence of column stiffening in reducing deflection.
Orientation of a stiffener in a horizontal plane increases substan-
tially the stiffness of the column web region. Using the same stif-
fener area but orienting the plate parallel to the web plane such as
a doubler plate would by no means produce the same reduction in de~
flection due to the small stiffness which a plate provides to loads
applied normal to its surface compared to the in-plane load resistance
behavior (Ref. 43).
In Fig. 47, the middle curve of the three is the deflection
using a 1.37 cm (0.54 in) stiffener~ while the lower curve is based
on a thicker stiffener of 2.54 cm (1.0 in). It is interesting to
note that the presence of a stiffener of 1.37 cm (0.54 in) in thick-
ness produces a drastic reduction in the deflection from the non-
stiffener case. However~ doubling the stiffener thickness causes only
a small reduction in the web deflection over the previous stiffener
case.
Shown in Table 21 is a summary of the web deflections with
respect to the column web-flange junction for the connections in
Phase II. Presented in Columns 2 and 3 are the actual deflections.
In the two columns on the right are the adjusted deflections, the
deflections in Columns 2 and 3 being adjusted so that the deflections
are all caused by the same force, namely, the force for Run A of each
First, for the same beam force, the web deflection
•
connection number.
from this table •
There are two major observations that can be made
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increases as the web thickness decreases. This i~crease in deflection
is, from a percentage standpoint, more pronounced for the case of no
stiffener. The second observation is that as the tension plate width
increases for connectio~s having the same column web thickness and
same flange force, the deflection decreases~ This is because the
tension force is not concentrated near the center of the column web
as the tension plate increases in width. Also, there is a stiffening
effect by the tension plate introduced due to the connection ot the
stiff tension plate to the column web~
The problem of trying to predict the column web deflection
is a very difficult one. This is due to the many variables affecting
the web deflection such as beam flange width, column web thickness,
lack of stiffness of column flange contributing to column flange
rotation, and uneven distribution of beam flange force producing stress
concentrations at beam flange edges. For these reasons, no attempt
will be made to develop a method for computing the web deflection on
connections with no stiffener. Also, another reason for not dealing
further with "no stiffener" web connections is because, as was pointed
out earlier and as will be illustrated in other sections. this type
of web connection performs very poorly and hence is not used very
much by the steel fabrication industry. It is left to further studies
to deal in more depth with the web deflection for this type of
connection.
However, when Type B web connections are used, they are com-
monly found with column stiffening because 6f the deficiencies of
the non-stiffened type. The" deficiencies are those of large connection
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flexibility and localized severe stress patterns. It is because of
their more prevalent use that designers should be able to predict
their elastic load deflection (stiffness) relationship. The previous
section detailed the four components to column web deflections and
dealt in detail with how to compute the deflection due to three of
the components. This section will now deal with a procedure which can
be used to compute the column web deflection for Type B connections
with stiffeners.
The procedure is analogous to that used for Type A. connections.
The stiffener is assumed to be a beam fixed at both ends and loaded
by the beam flange force (Fig. 49). Because the column web is loaded
normal to its surface and thus contributes negligible stiffness
compared to the horizontal stiffener, it is assumed that all of the
beam flange force will be taken by the stiffener as far as deflection
is concerned. This assumption leads to over-prediction of the column
web deflection for columns with thick webs because in actuality. such
elements will contribute to the stiffness of the region.
A second assumption is that the points where the stiffener
is attached to the column flange do not rotate or displace. For most
columns, this is a very valid assumption. However, for very small
columns'with thin web' and flanges~'once the web deflects out-of-plane,
the column web-flange joint could rotate slightly contributing to the
deflection, even in the presence of a stiffener. This contribution.
if present, is very small; 'This assumption could possibly lead to a
slight under-prediction in deflection for very small column shapes .
-94~
••
•
A third assumption deals with the loading imposed by the
beam flange onto the assumed beam which is actually the column stif~
fener. As will be seen in the next section, the normal stress
across the beam flange where it is welded to the column web is highly
non-uniform. This non-uniformity, which is due to the stiffness var-
iation along the column web at this point, is more severe for the non-
stiffener case than for the stiffener cases. In the actual case, the
beam flange stress is much higher at the beam flange tip than at the
middle of the flange. Due to the unpredictability of the exact stress
distribution for various configurations of web connections the beam
flange force, for idealization purposes~ is assumed to be uniform.
A further idealization is that the uniform load is replaced by two
concentrated loads placed at the quarter points of the loaded portion
of the beam (Fig. 49),. This is used to arrive at deflections which
are less than those obtainable using the uniform load assumption. This
is done because a uniform load over the flange plate width would over-
predict the deflection since in reality, most of the applied flange
plate load is at the ends of the loaded region. Applying concentrated
loads (equal to the total of the uniform load) at the quarter points
is an attempt to approach the true deflection and yet keep the problem
manageable in light of the uncertain flange plate stress distribution.
Again, as in Type A web connections, the column web deflection
using the idealization just discussed is composed of two parts; the
deflection due to shear 0 and the deflection due to bending 0 b.ws . w
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The shear deflection is computed by:
• o
ws
where
. . (6/5) (V
o
/2) R.
sh
= AG (3.5)
v = total applied load from beam flange
o
1
sh = shea~ span length (Fig. 49)
A stiffener area
G = shea~ modulus
The deflection due to bending of the stiffener is computed
from (Ref. 44)
V R.
s112
R.R. ..
°wb
0 (1. 5 a 1 s sh) (3.6)= EI 1 -12 s 2
s
where
• V = total applied load from beam .flange0
1
sh shea~ span length
~ = span length
s
a = 1 - 1
s sh
I = stiffener moment of inertia
E = modulus of elasticity
These computations have been made for the connections of Phase
I and are presented in Table 22. Also shown are the finite element
deflections as well as a comparison of the accuracy of prediction.
It is obvious from the table that the procedure over-predicts the
•
. deflection for columns with thick webs and under-predicts the de-
flection for columns with thin webs. This follows the reasoning
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presented earlier and is a consequence of making certain assumptions
to make the problem tractable. The normal range of column sizes used
fall somewhere in the middle of these two extremes where the accuracy
is much better. Also, for the same column size, the accuracy appears
much better for connections with larger a as evidenced by the results
of Connections 2 and 4. Although some of the predictions are in
error by as much as 30 percent, it must be recalled that this de-
flection is only one of four components of web deflections.
To gain a complete picture of the prediction of the four
deflection components with the finite element produced beam deflection,
Table 23 was prepared. Shown also in the table is a comparison of
the accuracy of the prediction. The predicted values are very close
to the finite element generated deflections substantiating the four
components of deflection theory and further validating the procedures
used to compute the component deflections. Although some of the
column web deflection computations are in substantial error, the over-
all deflections are in good agreement. This illustrates the fact
that the web deflection is only one of four components and although
its accuracy is in error in some cases, the technique used provides
a sufficiently accurate prediction which yields a good prediction of
the overall deflection.
3.5 . Stress Concentrations and Punching Shear
As was alluded to earlier, the beam flange stress, rather than
being uniform across the beam flange width, is quite non-uniform with
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beam flange centerline. This non~uniformity is a function of several
variables which will be discussed in depth.
The non-uniformity in stress entering the column web is, in
principle, the same as that produced when a box column is connected
to a box beam as described in Ref. 35. This non-uniformity of stress
can be viewed as a shear lag type of effect. The non-uniformity
occurs because of the deformation of the column web as well as the in-
plane shear deformation of the beam flange at its junction with the
column web. In reality, these two phenomena are related with the in-
plane flange shear deformation being a consequence of the deformation
of the column web. Taking this reasoning to the extreme, the beam
stress would be uniform should the beam flange be connected to a
rigid non-deforming column web. In another way of viewing the situa-
tion, the column flange presents a high stiffness area compared to the
very flexible column web. As in Type A web connections or other
structural components, stress tends to flow to high stiffness regions.
Thus, the beam flange stress migrates to the beam flange tips where
the beam intersects the column web, this point being as close as
possible in the beam flange to the column flange.
For web connections with no stiffening, the non-uniformity
is at its peak because of the negligible resistance of a web plate
to transverse loading. For columns with stiffening, the situation
is improved somewhat but a stiffener of very large proportions would
be required to effectively eliminate the non-uniform stress .
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As examples of the magnitudes of stress concentrations
possible, shown in Figs. 50 and 51, respectively are the stress distri-
butions in the beam flange at the column. web for Connections 5 and 6
of Phase I Level II. (For all the connections of Phase I, the
column axial load is pIp = 0.25.) The nominal flange plate stressy
for both connections is 228.2 MN/m2 (33 ksi). By examining the
figures, it is apparent that there exist extremely high stresses at
the flange tips, especially for the connections containing no column
stiffening. In actuality it must be remembered that these are
elastic stress distributions which would not exist due to local
yielding. However, they do support the general concept that the
stresses are non-uniform and, by their relative magnitude, define
parameters which influence the magnitude of the non-uniformity. It
must be remembered that the finite element mesh here is quite crude,
with only four elements across one-half of the beam flange. A much
finer mesh would probably illustrate much higher stresses at the
flange tips. The procedure used here to find the stress at the flange
tip is to extrapolate the curve between the last two points as a
straight line.
There are several items of importance to be noted. First,
in Fig. 50, there is very little improvement in the stress non-
uniformity by a doubling of the stiffener thickness. Also, in Fig.
51, for the case of no stiffening, the stress in the center of the
beam flange is actually compression. This is probably due to the
. large bowing out-of-plane by the column web pushing against the
center of the tension flange plate .
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The term stress concentration is defined as the ratio of the
Eeak flange stress at the flange tip divided by the nominal beam flange
stress. U~ing this idea, Table 24 shows the stress concentrations
for the six connections of Phase I for both the stiffener and no
stiffener cases. Several observations can be made from this table.
For connections with no stiffening, for columns with the same web
thickness (Connections 2 and 4), the stress concentration is greater
for the lower a value (as will be seen later, this is only true in
a local range of a near 1.0). For connections having nearly the
same a, the stress concentration is greater for the connection having
a column with a smaller web thickness. Thus it can be concluded that
the stress concentrations are greatest for connections of columns with
thin webs or for connections where the beam flange is wide. Also,
the presence of a column stiffener drastically reduces the stress
concentration, especially for columns with very thin webs.
Shown in Tables 25 and 26 respectively are the stress con-
centrations for the no-stiffener and stiffener cases of the Type B
Phase II web connection study. The tables show distinctly the
stress concentrations as a function of both web thickness and a.
For the case of no stiffening and constant web thickness, the stress
concentration gradually increases as a function of a until a .reaches
about 0.75 and thereafter decreases. The reason for the reduction
in stress concentrations as a of approximately 0.9 is approached is
that with a flange of that width, there is sufficient width of beam
flange in contact with the stiff column web in the column web-flange
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juncture region to cause a lessening in the tendency of the stress
to migrate to the beam flange tip. Also, the trend in the table is
quite distinct that regardless of the a value, the stress concen-
tration increases with decreasing column web thickness. This is
attributed to the fact that as the web thickness decreases, the web
stiffness decreases and the column flange stiffness begins to dom-
inate, thereby attracting more stress to the beam flange tips.
For the case of column stiffening in Table 25, one trend
remains the same as for no stiffening. Here also, regardless of a,
the stress concentration increases with decreasing web thickness.
However, for the case of constant web thickness, the stress concen-
trations continue to increase with increasing a with no decrease
for a higher than 0.75 •
Plotted in Figs. 52 and 53 are the stress concentrations
of Tables 24 and 25 as a function of a, vividly illustrating the
trends just discussed. Another trend brought out by the graphs is
that for the case of no stiffening,the stress concentrations seem
to vary more for changes in web thickness than for changes in a.
The opposite appears to be true for the case of column stiffening
where the stress concentration appears to be more a function of a.
This appears reasonable because once a stiffener is added, the contri-
bution of the column web to the total stiffness is very small, bein~
overshadowed by the in-plane stiffness of the horizontal stiffener.
Several plots of the flange plate stress from the con-
nections of the Phase II study are shown in Fig. 54 through 56 •
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Figures 54 and 55 show the stress plot for Connections 1A and 4A
which have column web thicknesses of 4.76 and 1.57 cm (1.875 and
0.62 in) respectively. For the case of no stiffening, the influence
of the thicker web on reducing the stress concentration is evident.
For Connection 4A and no stiffening, the stress is observed to be
compressive near the center of the beam flange, similar to that
observed in the Phase I study. The more drastic change in the stress
distribution for adding a stiffener to Connection 4A versus Con-
nection 1A is apparent. This trend is consistent for all connec-
tions. The addition of a stiffener to a connection with a thin web
increases the column web region stiffness to a greater percentage
than adding a similar stiffener to a column with a thick web.
Shown in Fig. 56 is the plot of the stress pattern for
Connection 3C. Again, for the case of no stiffener, the beam flange
stress is negative near the beam centerline. Also, the effect of
utilizing a 2.54 cm (1.0 in) and a 3.81 cm (1.5 in) thick stiffener
are shown.
Again~ it must be emphasized that the stresses shown at
the beam flange tip do not actually exist because of local yielding
at these points. However, a study of these fictitious elastic
stresses illustrates the factors which influence non-uniform stress
distributions.
The major effect of stress concentrations is not their
effect on the column web deflection. In fact, such concentrations
tend to reduce' the column web deformation since such a distribution
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concentrates force farther away from the web centerline. The major
effect of such non-uniform stress patterns is concerned with a phe-
nomenon called shear punch.
The shear punch problem is one commonly overlooked because
of the assumption that the beam flange force is uniform. The non-
uniformity in stress produces the effect of a large force pulling
against a column web over a short area. In some cases, this
condition could cause the applied local force to exceed the shear
strength of the column web over a localized area and the beam flange
would tend to pull a "plug" out of the column web. This phenomena
is especially characteristic of connections with no stiffening
where the stress concentrations are more severe. Such a problem is
addressed in the AWS Welding Code (Ref. 36) for tubular connections
because that type of connection also features a concentrated force
pulling on a thin walled element.
There are several ways to alleviate the problem. One is to
use a column stiffener. As long as the column stiffener is of suf-
ficient size, the beam flange force not capable of being resisted
by the column web will go into the stiffener. Also, the stiffener
will tend to level out the stress distribution. Another approach
would be to use a column of sufficient web thickness to preclude
the shear punch problem. This, however, could lead to a very
inefficient column design necessitating a thick column web which
would not appreciably increase the column moment of inertia •
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The proper way of approaching the shear punch problem is to
have a procedure for checking whether a problem exists, and then
search for the remedy, either a stiffener or thicker column web.
The checking procedure involves the establishment of a beam flange
width at the beam flange tips, labelled effective width, over which
the concentrated flange force is applied.
Shown in Fig. 57 is a schematic illustrating the elastic
stress concentration in the beam flange plate. The task of selecting
an effective width is one in which judgement must be exercised.
The effective width must be large enough to capture most of the
stress but not too large so as to apply a large flange force over too
wide an area. After examining all of the stress plots from the
Phase II study, it was felt that rather than being completely arbi-
trary, some guideline must be followed in determining an effective
width. The guideline established here is that one-half of the
effective width is that distance measured from the beam flange tip
to the point where the stress is 25 percent of the maximum at the
flange tip or to the ~oint where the stress equals the nominal
stress if that is greater than the 25 percent value. Using this
procedure, the effective width thereby includes a significant
portion of the beam flange force. This procedure is illustrated in
Fig. 57(a).
Once the effective width is known, the procedure for cal-
culating a shear punching flange force then involves applying the
yield stress of the flange material over this effective width for
~i04-
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the entire beam flange thickness (Fig. 57(b). This is because in
the actual case the elastic distributions will not exist but rather,
yielding will progress ·from the flange tip inward. The stress in
these blocks will be the yield stress even at very low beam loads
because of the stress concentration phenomenon .. The stress between
the two blocks, however, is still elastic, but drops off rapidly
from the peak values. The stress between the stress blocks will
be taken to be zero. The force applied to the column web is then:
(3.7)
•
where
t f = beam flange thickness
cry = beam flange yield stress
This force must then be resisted by the shear strength of
the column web on a perimeter defined by the effective width. This
is equal to the perimeter around the dark area in Fig. 57(c) times
the shear yield stress times the column web thickness. Using the
Von Mises criteria, this can be expressed as:
where
t f = beam flange thickness
t
w
(3.8)
•
t
w
= column web thickness
= column web yield stress
-105-
••
This value can be defined as a yield shear punch resistance. If
ultimate shear punch resistance is required, the ultimate stress may
be substituted for the yield stress.
If R is greater than F, the column web has sufficient
strength to resist the flange force. If F is greater than R, the
web is in danger of being "punched through" by the beam flange. To
remedy the situation either the beam load must be reduced or the
web strengthened by having a thicker column web or adding a stiffener.
The procedure just described is for the case of no column stiffening
present.
As an example of the procedure used to find the effective
width, shown in Fig. 58, is the flange plate stress plot for Con-
nection 4C of the Phase II study. The effective width (actually 1/2
b
eff) is established as the distance to the point where the stress
equals 3403.6 MN/m2 (492.2 ksi) or 25 percent of the maximum stress.
It is apparent that the effective width is small compared to the
total flange width.
Table 27 presents a list of each of the connections of
Phase II and their respective effective widths. Also given are the
flange plate forces which are required to cause yielding of the
column web in the shear punch mode calculated according to Eq. 3.8.
These widths as a percentage of the flange width are plotted in
Fig. 59 as a function of a and in Fig. 60 as a function of t • the
w
column web thickness to illustrate trends. For constant web thick-
ness. the general trend in Fig. 59 is for the effective width
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to decrease as a increases. The exception to this is that for the
two largest web thicknesses, the effective width increases as a
increases in going from an a value of 0.75 to one of 0.92. This
follows from Fig. 52 which shows that as a is increased, the stress
concentration increases. Therefore, it can be deduced that as ~he
stress concentration increases, the effective width decreases.
From F~g. 60 it is apparent that the effective width increases as
the column web thickness increases. This also follows from the dis-
cussion that the stress concentration decreased as the web thickness
increased, owing to the fact of the greater stiffness in the column
web region helping to level out the stress distribution. In summary,
the trend is to produce a smaller effective width as the web thick-
ness decreases and as a increases.
The proper procedure to follow in design would be to first
evaluate the shear punch resistance of the column web, knowing the
size of the beam flange attached to the web and utilizing the
effective widths given in Fig. 59 and Fig. 60 as a function of
and column web thickness. Next, knowing the force which can be
applied over the effective width, it would be a simple procedure
to work backwards to compute the allowable beam moment. The a110w-
able stress which may be applied (cr ) over the effective width is
app
calculated by equating the applied force.to the column web
resistance as:
(aapp) (beff)(tf ) = R - Z [Ztf + Z (beff)Jtw ~c
(3.9)
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If cr is greater than the yield stress of the beam flange
app
material, the system is satisfactory and the column web can withstand
the beam load from a shear punch sense. This is because in a shear
punch situation cr is equal to cr . ld and cr equal to or
app y~e app
greater than cryield from the above equation means that sufficient
resistance is present to resist such a stress level. The exact
moment load on the end of the beam is not really important because
even if a very small moment is present, this effective width will
most surely still be acted upon by the yield stress due to the
stress concentration. The allowable beam moment from a yield stand-
point at the column web may then be calculated by:
(3.10)
where d is the distance between the centers of the two beam flanges
to which a safety factor should be applied for design purposes.
If cr is less than the yield stress, this means that only
app
sufficient resistance is available to resist such an applied stres~
and the force corresponding to the yield stress on the effective
width cannot be resisted. Either a column with thicker web must be
chosen or a column stiffener added to take the additional load which
cannot be carried by the column web.
3.6 Column Web Bending
In addition to punching shear action of the beam flange on
the column web, the other type of deformation to which the beam
flange subjects the column web is bending action. The large beam
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flange force applied normal to a relatively thin web plate causes
large deformations and also induces large moments and associated
stresses in the plate.
Shown in Figs. 61 and 62 are the plots of the moment M
x
across the column web. Figure 61 shows Connection 2B and Fig. 62
shows Connection 2D of Phase II. Both connections, as well as all
the connections in this study, show a positive moment in the region
under the tension plate and then reverse sign and become negative
as the column flange is approached. A positive moment indicates
tension on the face of the web to which the tension plate is attached.
The largest positive moment occurs at the end of the tension plate
with the largest negative moment at the spot where the column web
joins the column flange. Both figures illustrate the great importance
of column stiffening in reducing the column web moments.
The relative magnitude of the M moment under the plate and
x
that at the column flange web junction varies for different connec~
tions. For some connections, the maximum M moment occurs under the
x
tension flange plate while for others it occurs at the column flange-
web junction. Shown in Table 28 are the maximum M moments for
x
•
different connections in Phase II found along the line under the
tension plate to the column flange weld. The second column shows
these values. The moment~ denoted by an asterisk occurred at the
column flange-web junction while the others occurred in the column
web at various locations along the line under the tension plate.
As a general trend, the connections with thick column webs and with
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wide flange plates show the largest moment to be at the web-flange
junction. For the more flexible webs (narrower beam flange plates
and thinner webs) the maximum moment is in the column web at the
edge of the beam flange plate.
A detailed analysis of the cause and a way to predict the
M moment is not presented here but left to be studied in detail in
x
the future. What is done here is to present trends to show what
causes large column web moments and where in the web connection they
occur.
The picture of the M moment is quite different. The M
y Y
moment is that moment in the column web on the y-face, which here is
the face perpendicular to the longitudinal direction of the column.
For this moment the maximum always occurs at the edge of beam flange
plate, and then decreases rapidly with distance along the column web.
This trend is shown in Figs. 63 and 64 for Connections 2B and 2D,
the same connections for which theM moments are plotted. The
x
moment at the tension plate is positive, indicating tension'on the
side of the column web to which the plate is attached. The plots
shown are along a line originating at the tip of the flange plate
and parallel to the column flange. Also shown is a plot of the My
•
moment at the same location when a column stiffener is utilized.
Along the length of any flange plate attached to the column web, the
maximum M moment occurs at the plate tip because of the large amounty
of flange plate stress there due to the stress concentrations.
The M moment rapidly decreases as the distance from the tensiony
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plate increases, eventually approaching zero. It is interesting to
note that although the force applied to the connection via the
tension plate in Fig. 64 is nearly twice as great as that in Fig.
63, due to the narrowness of the flange plate the maximum moment for
the non-stiffener case for the connection in Fig. 63 is over two
times as great.
Shown in Table 29 are values of theM and M moments in the
x y
colu~ web at the flange plate tip for the Phase II connections with-
out stiffeners. This is the location of the maximum positive
bending moments but not necessarily the maximum moment in the column
web. The second and third columns show these values. Of note is the
fact that the M moment and the M moment are very similar in magni-
x y
tude for each connection .
A more valid and interesting comparison is to examine the
values of M and M in the last two columns of the table. These are
x y
normalized values which are adjusted so that all connections are
acted upon by the same force, regardless of plate width. Such a
comparison illustrates the fact that within each connection type,
the case where the flange plate width is 25 percent of the column
depth appears to produce the largest moments, both for M and M •
x y
Case D, the connection with the widest flange plate has the smallest
values of the moments. These trends are as expected. For narrower
plates, the flange plate force, regardless of stress concentration
considerations, is concentrated closer to the center of the column
web depth, thus making it easier to deform the web and induce
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larger moments. For the wide plate connections, the force is
concentrated near the column flanges where the column web is stiff
and does not readily deform.
With the two phenomena of web bending and shear punch
occurring by the action of the beam flange plate on the column web,
one of the two should dominate, depending upon the connection
geometry. The two produce complex stress patterns at the same
points. For example, in the same connection at the beam flange
plate tip, the action of the column web bending induces bending
stresses on the same face as where the shear punch action is
applying shearing stresses. However, in order to arrive at any
type of design approach, the two must be treated separately.
Shown in Table 30 is a series of values utilized to try
and see for various connections without stiffening, which phenomenon
controls web bending or shear punch action. The second column
lists the normalized maximum moment, be it M or M at the flange
x y
plate tip. This point was chosen for comparison so that there would
be a common basis on which to perform a valid comparison of con-
nection geometries. In most cases, this is the location of the
maximum moment. The next two columns are the applied beam flange
force and maximum fiber elastic bending stress in the column web
respectively. The column on the right contains the value of beam
flange force required to cause a bending stress equal to the material
yield stress. These values are then compared with those forces
from Table 27 required to cause shear yielding due to shear punching
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action. In each case, the lowest value of beam flange force controls •
The connections which have + signs adjacent to the values in the
right column of Table 30 are connections in which shear punch controls
the design. The other connections are controlled by bending action.
It is obvious that shear punch controls the design for
connections with wide flange plates where the bending action is
reduced. Also as the column web gets thicker, and consequently
stiffer, shear punch controls for proportionally narrower flange
plate width to column web depth ratios (a). In actual connections
however, some of these that are mentioned here as being controlled
by shear punch would be controlled by bending. This is because in
addition to the bending stress present in the column web, there
exists a normal stress due to the column axial load. This would
have to be incorporated with the compressive bending stress to find
an allowable bending load. The presence of a large column load
could cause a large reduction in the allowable beam flange load
based upon ,column web bending.
Extending this concept further, shown in Table 28 is the
maximum M bending moment found anywhere in the column web. These
x
moments occur at the flange plate tip, in the column web along the
length of the flange plate or at the intersection of the column web
and flange. The moments marked with an asterisk occur at the web-
flange intersection. The last column again shows the flange force
required to cause yielding of the outermost fiber of the column web
for the moment in the M direction.
x
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The preceding discussion of web bending was presented in an
attempt to determine which geometries produce large elastic bending
moments in the column web. However, a way to predict these moments
for varying geometries requires further extensive investigation.
No discussion of the column web bending phenomenon produced
in Type B web connections would be complete without a discussion of
the current theoretical approach reported with respect to the u1ti-
mate strength of such column webs. This approach deals with the
action of the beam flange forces producing a plastic yield line
mechanism in the column web. The beam flange load required to
produce the yield line mechanism is found by equating the external
work generated by the external beam flange load going through a
displacement of the column web with internal energy produced by the
rotation of the plastic hinges~ The mechanism producing the smallest
external load is the true mechanism.
The principal reference detailing this approach for beams
with applied bending moment acting upon column webs is Ref. 23.
Here the bending mechanism assumed is that shown in Fig. 127. This
approach accounts for the interaction of the tension and compression
beam flanges.
For connections in direct tension. Ref. 24 discusses the
theoretical yield line approach used to compute the ultimate load
of a member pulling in direct tension on a beam web. Reference 22
. discusses the bending deformation and ultimate strength of the
column web of Type B web connections when acted upon by seated
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There appears to be good theoretical foundation for applying
the yield line analysis approach to such web connection problems.
The column web is thin enough that it may be treated as a thin plate
in bending. However, all references, in utilizing the yield line
approach, require many assumptions regarding stress distributions
and yield line pattern. For example, none of the references have
substantiated the results by a comparison with test results and
none of the references discuss the stress concentration problem in
detail, the assumption being in using the yield line approach, that
the stress is uniform across the entire beam flange. Also, the
possibility is never presented that a yield line mechanism arrived
at due to excessive web bending may never occur due to the possi-
bility of shear punching controlling which would be especially true
for wide beam flanges. Another problem is that in Type B web con-
nections without stiffening, the column web-flange junction can
rotate, thereby affecting the moment distribution in the column web
and resulting plastic hinge locations. Therefore, what appears at
first to be a problem quite amenable to the yield line approach
of investigation is complicated by the non-uniform stress distri-
bution and assumptions inherent in its use. The test results in
later chapters will il~ustrate some of the problems brought out here
as they affect the formation of the yield line mechanism.
3".7 Column Stiffening
The previous sections have illustrated the great importance
that column stiffening plays in the behavior of Type B web
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connections. Column stiffening plays a role in column web deflection
control and consequently in column web bending control as well as
in reducing the stress concentration present in the beam flange plate.
Much discussion was presented and many figures shown to illustrate
the importance of such an element, so important that Type B web
connections are quite deficient from a strength and stiffness stand-
point in their absence. Many designers consider Type B web con-
nections in the absence of column stiffening totally unacceptable,
except where extremely light beam loads are involved.
Column stiffening is commonly found in steel fabricated
structures and, as will be considered here, is similar to that shown
in Fig. 65 (a) . The stiffener. is placed in the same plane of the
beam flange on the opposite side of the column web from the beam
flange. The stiffener is fillet welded on both sides to the column
web and flange. Fillet welds are commonly used although, perhaps
in cases of high strength steels where small plate thicknesses
transmit large forces, full penetration groove welds may be called
for especially at the column web. The purpose of the stiffener
is to transmit the beam flange force from the beam flange to the
strong column flanges without exesssive deformation or distress
being imposed upon the very thin and flexible column web. The
horizontal orientation of the stiffener provides the maximum stiff-
ness possible for a given plate thickness. Orientation of the
stiffener in the plane of the column web and attaching it thereto
as a doubler plate would be totally uneconomical and impractical .
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Such an orientation forces the stiffener to deform in its weakest
direction. and also the practical problem exists of how to make the
stiffener integral with the column web when it is only possible to
weld along the edge of the stiffener.
From the preceding discussions, it has become apparent that
the use of column stiffening is a virtual necessity for the adequate
performance of Type B web connections. The problem then is how
such connections should be designed, specifically with regard to
column stiffening. Their design must be examined from two view-
points, namely strength and stiffness. An earlier section dealt
with computing the deflection component of web connections due to
the out-of-p1ane motion of the column web which primarily is the
deformation of the column stiffener. This follows from the fact that
most of the beam flange force passes through the column stiffener.
By merely reversing that calculation process, a stiffener thickness
can be arrived at to provide a prescribed stiffness, knowing the
beam load. For this reason, no further discussion will be presented
from a stiffness standpoint.
Somewhat related to the stiffness aspect of column stif-
fening design is the design for stress. The primary requirement
for any type of design is that all stresses remain within some
allowable limit. Such is the case here. However, once the design
is such that stresses are acceptable, the thickness may be increased
due to a need to control deflection or perhaps to reduce the beam
flange stress concentration. Thus stress and stiffness design are
related. yet somewhat independent.
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From a stress consideration standpoint, the column stiffener
is acted upon primarily by the forces shown in Fig. 65(b). The load
is applied to the stiffener by the beam flange via the column web.
This force is then transmitted to the column flange where it is
resisted by shear forces along the stiffener-column flange interface.
Other stresses do exist, but they are of a much smaller magnitude
and in any simplified design approach, need not be considered. Such
stresses are the normal stresses in the x-direction at the stiffener-
column flange interface or in the same direction at the beam flange-
stiffener junction. It is the two primary forces shown in the figure
which contribute much of the stress and which will be discussed here.
Shown in Figs. 66 through 69 are several plots of the normal
stress between the column web and stiffener. Each plot shows the
effect that different geometrical parameters have on the stress
distribution. The figures present plots of both the stress in the
z-direction as well as the principal stress in the stiffener. The
two curves differ due to the shear stress present in the stiffener
as shown in Fig. 65(c). For Connection lC in Fig. 66, the normal
stress is very nearly uniform across the entire length of the
attachment of the beam flange with the stiffener. Also, this average
of approximately 76.1 MN/m2 (11 ksi) is far below the applied
2 .'
plate stress of 172.9 MN/m (25 ksi). This indicates that
much of the flange plate force is entering the column web and is
transferred immediately to the column flange because of the high
•
stiffness of the column web. The thick column web is also the
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reason why the normal stress distribution is very uniform in the
stiffener.
Figure 67 shows the plot of the normal stress in the stif-
fener for Connection 2B. Of importance here is that the stress
distribution at the connection to the beam flange is not uniform,
but rises steadily from the beam flange centerline to a maximum at
a point opposite the point of maximum stress concentration in the
beam flange. This is primarily due to the fact that the column web
is much thinner than Connection lC which means less stiffness to
even out the beam flange stress concentration. However, the average
transferring the applied stress to the column flange. Also, the
indicating that the column web has some stiffness contribution toward
•
stress in the stiffener opposite the beam
ksi) is still below the applied stress of
2flange of 115 MN/m (16.75
172.9 MN/m2 (25 ksi)
•
column web is stiff enough to provide some resistance to the stif-
fener where it is attached to the column web away from the beam
flange as evidenced by the positive stress to the right of the peak
in the figures.
The stiffener normal stress for Connection 4C is shown in
Fig. 68. Here the non-uniformity of the normal stress is quite
extreme, attributable to the thinner column web. The average stress
. 2
opposite the beam flange of approximately 131..4 MN/m (19 ksi) is
slowly approaching the applied stress to the beam flange.
Finally, Fig. 69 shows the distribution for Connection SA.
the connection with the thinnest column web of the series. Again
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for this thin-webbed column, the stress in the stiffener is highly
nonuniform. The value for the stress in the stiffener away from the
beam flange tip is near zero indicating that all of the beam flange
stress goes directly into the stiffener and almost none is picked
up by the web to be transferred to the column flange.
Table 31 presents an interesting comparison for the twenty
connections in the Phase II study of connections with stiffeners.
Shown in the second column is the maximum flange plate stress ob-
tained at the tip of the beam flange. The third column is the maximum
normal stress in the stiffener where it attaches to the column web.
In most cases this occurs directly opposite the stress concentration
in the flange plate. The column on the right shows comparison of
the two values. The higher ratios exhibited by the thin-webbed
columns indicate that the column web contributes very little to the
resistance of the beam flange force allowing much of the beam flange
force to go directly to the stiffener. However, even for the thin-
webbed columns, the stress concentration in the beam flange is sig-
nificantly reduced by the column web stiffener system. The maximum
reduction in the stress from the beam flange side to the stiffener
side of the column web occurs for thick-webbed columns or connections
with wide flange plates.
There is an interesting point to note with respect to the
stress concentrations. In the flange plate, the maximum stress for
each different column is in Case D, the widest flange plate. The
maximum stress than decreases gradually for Cases C, B, and A
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respectively. However, in the stiffener, the maximum stress,
except for Connection 1, occurs for Case C where a equals 0.75. The
obvious conclusion is that the peak stress in Case D is reduced
more because of its closer proximity to the column flange allowing
the stress to go to the column flange through the column web rather
than into the stiffener.
Shown in Fig. 65(c) is a plot of the shear stress in the
stiffener at Section A-A. This shear force and resulting shear
stress is caused by the applied normal stress. This shear stress
adds an additional component to the maximum stress along the inter-
face of the stiffener with the column web. The addition of the
shear stress at point X, the location of the maximum normal stress
yields a high principal stress. Shown in Figs. 66 through 69 are
plots of the principal tensile stress. As expected, this principal
stress is the same as the normal stress at the beam flange centerline
where the shear equals zero up to a maximum at the flange plate tip
where the shear stress is the maximum.
In addition to the normal stress, there is one other major
force which acts upon the column stiffener. This force is the shear
force between the stiffener and the column flange as shown in Fig.
65(b). The shear force along this junction is due to the normal
stress from the beam flange which enters the stiffener at the column
web attempting to enter the column flange.
Shown in Figs. 70 and 71 are two plots of the shear stress
distribution along this line. Figure 70 presents the plot for
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Connection lAo The plot is parabolic, the type found in beams of
rectangular cross-section. In fact, that is what the stiffener
actually is - a beam of rectangular cross-section acting between two
. fixed ends (column flanges) and being acted upon by the beam flange
force.
Shown in Fig. 71 is a plot of the shear stress distribution
for Connection lD. Again the distribution is parabolic, but in this
case the parabola is skewed slightly. The two distributions of
shear stress just shown are characteristic of small and large a ratios
respectively. For small a values, .the applied normal stress is re-
latively far from the column flange. This allows sufficient distance
for the shear to spread throughout the stiffener and become more
parabolic as is the case of shear stress in a beam with a rectangular
cross-section. For large a ratios the applied force from the beam
flange is close to the column flange. The bulge in the parabola,
being closer to the column web is because the majority of the flange
force, in the form of the flange stress concentration, is close to
the column flange due to the large a and therefore has an opportunity
to flow into the stiff column flange sooner than a connection with a
small-a value. The two plots just examined are the extremes of the
shear stress distribution since most connections rarely have a below
0.25 or above 0.92.
Knowing the approximate stress distribution, the question
now becomes just how much of the applied beam flange force goes into
the column web to the column flange and how much via the stiffener to
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the column flange. For the twent y connections of Phase lIt the
shear stress distributions in the stiffener along the column flange
were plotted. The total shear force along the column flange was
computed from the average shear stress and compared with the total
applied force. This comparison is presented in Table 32.
The important part of this table is the right column.
The values presented there are the fractions of the total applied
beam flange force which enters the column flange via the stiffener.
The remainder of beam flange force enters the column flange via the
column web. The columns with thick webs have a small percentage of
force entering via the stiffener due to the ability of the thick
column web to carry some of the load. Those connections with thin
webs show a very large percentage of force going into the stiffener
and then into the flange because of the lack of any significant
stiffness contribution by the column web. Also t within each
column size, for the most part t Case A has the highest ratio and
Case D the lowest. This indicates that for connections with narrow
flanges (Case A) more force is attracted to the high stiffness of
the column stiffener because the column web stiffness at this
point is small, being far from the influence of the column flange.
The same comparison is shown in Table 33 for connections
with thicker and thinner stiffeners as compared to the 2.5 cm (1.0
in.) stiffeners of Table 32. This table shows that for even very
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large changes in stiffener thickness, the ratios of force entering
the column flange via the stiffener do not change significantly.
For example, on Connection 5C in increasing the stiffener thickness
from 2.5 cm (1.0 in) to 3.8 cm (1.5 in), the fraction of beam flange
force entering the stiffener increases only from 0.93 to 0.94. For
Connection 3C, the fraction of the beam flange force going to the
stiffener for stiffener thicknesses of 1,5, 2.5 and 3.8 cm (0.6, 1.0
and 1. 5 in) are respectively 0.707, 0.786, and 0.83.
Shown in Figs. 72 and 73 respectively, are plots of the
fraction of the beam flange force which goes to the column flange
via the stiffener versus a and column web thickness, the two major
variables. These graphs are for the case of 2.5 cm (1.0 in) thick
stiffeners. Curves for connections with other stiffener thicknesses
would vary but their relative position would be nearly the same.
From the graphs, it appears that the primary variable is the column
web thickness due to the steep slope in the plotted curves. For
each a value the percentage of force entering the column flange via
the stiffener decreases linearly with increase in web thickness.
The effect of a is not significant for Iowa values but its influence
on distribution increases as a exceeds 0.5. This is because over a
small range of Iowa values, the flange force is so far from the
stiffness of the column flange that the column flange has no
influence .
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3.8 Beam Web Behavior
The major emphasis in the study of Type B column web con-
nections was in the column web and stiffeners. However, the geometry
which characterizes web connections also has some effect on other
aspects of the web connection. Shown in Figs. 74 and 75 are plots
of the normal stress in the beam web directly adjacent to the column
web. The normal Mc/I distribution is not present. Due to the flex-
ibility of the column web, the distribution of stress in the beam
web is non-linear. Figure 74 is a plot of the beam web normal stress
for Run 1 of the Phase I study. Here for both the stiffened and un-
stiffened connections the distributions approach being linear.
However, the maximum stress is not close to the theoretical value of
228.2 MN/m2 (33 ksi) at the web flange junction. The presence of
the stiffener helps to somewhat linearize the distribution. However,
the unstiffened connection does not lag far behind because of the
stiffness provided by the very thick column web in this case.
Figure 75 is quite different. This is a plot of the web
normal stress for Run 5 which has a very thin column web. Here the
effect of the stiffener is quite pronounced. For the unstiffened
connection, there is actually compression present in the beam web
adjacent to the tension flange. This is ~ue to the large flexi-
bility present in the column web with much of the stress that was in
the web having migrated to the beam flange and then into the column
web as stress concentrations at the beam flange tips. Thecolumn
stiffener keeps the web from deforming which in turn.adds some
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stiffness to the column web between beam flanges so that it has some
resistance to the applied stress from the beam web. This resistance
stimulates the development of stress in the beam web.
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4.. WEB CONNECTION DETAIL EXPERIMENTAL PROGRAM
4.1 Introduction
In conjunction with the theoretical analysis, a testing
program was conducted to experimentally investigate web connection
behavior. The testing program was two phase--testing of web con-
nection details and full scale testing of web connection beam and
column assemblages. This chapter deals with a discussion of the web
connection detail program and the following chapter presents the web
connection assemblage program.
The purpose of the work described in these two chapters is
not to experimentally confirm all the theoretical results presented
in Chapters 2 and 3. Rather, it is the purpose of these two chapters
to show how the experimental results follow general trends described
in the earlier chapters. In most cases, observations were not made
or gaging was not· present to capture all the important or revelant
data. However, sufficient observations were made to link with the
theoretical results so that some of the phenomena can be confirmed
sufficiently. This safely allows the extrapolation into the phenom-
ena unconfirmed by test data but predicted by theoretical investi-
gation. More specifically, the experimental work was conducted to
observe elastic stress distribution, elastic stiffness, and modes of
failure of the connections and see how they compare with theoretical
predictions .
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The ideal way of experimentally studying beam-to-co1umn web
connections is to test them when they are the part of a beam and
column subassemb1age. as this is how they would be found in actual
structures. However. in some cases due to the many variables and
large expense involved. it becomes necessary to reduce the scope of
the testing and deal with small connection details. It is such an
experimental study which is presented in this chapter.
The overall objective of the detail connection tests can
be viewed as a study of the strength, stiffness. and stress distri-
bution of such connections. For the beam-to-co1umn web connection
assemblage shown in Fig. 3. the theoretical maximum strength of this
assemblage is reached when plastic hinges are formed at x and y
in the column or in the beam. For the case of hinges in the column
without axial load. this would occur when a moment of M is reachedp
at x and y. (M for a column with axial load).pc
•
However, as has been described in the previous two chapters,
there are phenomena such as fracture, shear punch, and yielding of
the column web and other local areas which could preclude obtaining
the connection load level required to p~oduce plastic hinges.
The purpose of this experimental study was to examine the
simulated beam flange 'attachment to the column web via Type A and
Type B connections. The principal region of concern is the flange
plate where it is attached to the column web and the column web
itself.
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To accomplish the goals of the testing program, pairs of
steel plates were welded to column sections using a variety of Type
A and Type B connections. These plates represented the tension and
compressipn flanges of a beam attached to-the column. The pair of
flange plates were loaded by tension and compression forces to
simulate the bending moment of a beam acting upon the column, with
the maximum theoretical load obtainable being that beam load required
to produce a plastic hinge in the column. Observations were made of
stresses and deformations as well as phenomena that prevented the
connections from obtaining the maximum load level. No shear load,
analagous to that produced by a beam on the connection, was incor-
porated in this study .
4.2 Test Program
The detail test program was composed of eight different test
specimens. Two different column sizes were utilized, one which would
be characteristic of a typical upper story and one typically found
on a lower story of a multistory building. The two column shapes
and the plates attachea to them, hereafter referred to as flange
plates, were made of A572 Grade 50 steel. This is the same grade of
steel that was used for the subassemblage tests described in the next
chapter.' This higher strength steel was ,chosen over the commonly
used A36 grade because of the large increase in the use of high
strength steel in building construction and the relative lack of
knowledge of the performance of high strength steel connections rela-
tive to lowe~ strength steel connections. With each column size,
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four geometries of attaching the simulated flange plates to the
column were tested. The two column sections used were a W14 x 184
and a W12 x 106. The four different connection geometries are shown
in Fig. 7~ and labelled as Tests A through Tests D. Tests A and B
are typical Type B web connection details, while Tests C and Dare
Type A web connections. It should be pointed out that the flange
plate thicknesses were selected so that the plastic hinge in the
column or phenomena of a smaller load level would occur before the
flange plates would yield.
Tests A and B represent the cases where the beam flange is
narrow enough to fit between the flanges of the column (actually
between the fillets of the column). As was stated in the previous
chapter, the maximum strength of such web connections was controlled
by either web bending or shear punching of the column web. For wide-
flange columns and their relatively thin webs, in the absence of
stiffening, this means maximum load levels below the plastic hinge
load.
The design of Test A is to simulate a narrow flange plate so
that the bending of the column web could be observed as well as the
pattern and asssociated strength of any yield line mechanism which
might occur.
As the beam flange width increases, a point is reached at
which bending of the web is not predominant and the yield line
mechanism theoretically cannot form. Test B is such a case; the
flange plate is so wide (column fillet to fillet) that a column web
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yield line bending mechanism cannot form. The intent with this test
was to see whether the maximum plastic hinge load is attained or
whether, as described in Chapter 3, shear punch of the column web
occurs. ·A1so, for Test B as for Test A, it was the intent to observe
the out-of-p1ane deformation of the column flanges on the opposite
side of the column web from the flange plates. For both of these
tests the flange plates were connected to the column web by full
penetration groove welds.
Tests C and D were connections of the Type A variety. They
simulated the case of a flange plate having a width equal to the
clear distance between column f1anges~ These tests represent, among
others, the case where a beam flange is wider than the distance be-
tween flanges, thus necessitating a narrowing flange connection
plate or the case of a bolted flange connection, again necessitating
a flange connection plate.
Test C has the flange plate connected to the column web and
flanges with Test D having the flange plate attached only to the
column flanges. All welds for the Type C and D connections were
fillet welds on both sides of the flange plate. The welds were made
of sufficient size so that there was little chance of overstressing
these welds which could lead to a premature failure of the detail.
For all of the tests in this detail connection test program,
no column stiffening was present •
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4.3 Test Setup
The test setup is shown in Figs. 77 and 78. The column shape
was placed horizontally on two supports and loaded at two points by
means of a spreader beam. The two supports were the compression
plate of each tension-compression pair of plates. With this setup,
one test could be·.conducted on each end of the column section.
Because of the centrally placed testing machine load, a load of P/2
went into each tension flange plate. Figure 77, Section A-A shows
the method of transferring the load of P/2 around the column section
using a yoke so that the force could be applied as a uniform tensile
load to the two tension flange plates. The compression reaction and
the applied tensile load at each end of the column provided the force
couple needed to simulate the beam end moment. In these tests, no
axial force was applied to the column.
Since the tests on each end of the column section were
never identical, one usually reached its useful limit prior to the
other. When this happened, the yoke for that particular test was
supported on the floor preventing deflection in order that the other
test might be completed. For each of the two column sections, Tests
A and B were tested simultaneously~ as were TestsC and D. This was
done because it was estimated that the maximum load on each test
within each pair would be very close, thereby eliminating the
possibility of one test failing extremely early and having to be
supported thereafter. Instrumentation involved measurement of such
quantities as the tension plate deflection, column web out-of-p1ane
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deflection and column flange out-of-p1ane deflection via dial gages
for each connection. Also, strain gages were mounted on the tension
and compression plates, the column web, and the column flange in the
region ad)acent to each connection detail.
4.4 Specimen Description
The eight detail tests were designated as 12A through 12D
and 14A through 14D. The 12 indicates that the test (A through D)
was performed on the W12 x 106 shape and the 14 refers to the W14 x
184 shape. For the specimens tested on the W12 x 106 column shape,
the distance between the tension and compression plates was 35.6 cm
(14.0 in), simulating a 35.6 cm (14.0 in) deep beam attached to the
column. For the W14 x 184 column the distance between the two plates
was 61.0 cm (24.0 in). Shown on Table 34: is a chart giving a summary
of the distinguishing features of the detail test specimens.
A view of Specimens 12A and Band 14A andB is,shown in
Fig. 79. For all four of these tests, the plates were welded to the
column web only by full penetration groove welds. Tests 12A was
composed of two 2.54 cm x 17.8 cm (1 in x 7 in) plates. Test 14A
was designed with 3.2 x 15.9 cm (1.25 x 6.25 in) plates. Tests 12B
and 14B were designed with a plate width equal to the distance be-
tween column k-1ines. For specimen 12B,this required 2.5 x 24.1 cm
(1.0 x 9.5 in) plates and for specimen 14B, a pair 2.5 x 28.6 cm
(1.0 x 11.25 in) plates. The plate thicknesses for all specimens
were designed so that the tests could be completed without yielding
of the plates .
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Specimens l2C and D and l4C and D are shown in Fig. 80 •
Tests l2C and l4C were fillet welded with the plate welded on both
sides to the column web and flanges. For l2C the plate was 2.5 x
27.8 cm (1.0 x 10.92 in) with a .95 cm (.375 in) fillet weld and for
l4C~ the plate was 2.5 x 32.1 cm (1.0 x 12.625 in) with a .95 cm
(.375 in) fillet weld.
Tests l2D and l4D were fillet welded with the plate welded
on both sides ~o the column flanges only. For l2D, the plates were
3.8 x 27.8 cm (1.5 x 10.92 in) with an 1.75 cm (.69 in) fillet weld,
and for l4D, the plates were 3.2 x 32.1 cm (1.25 x 12.625 in) with
81.75 cm (.69 in) fillet weld. The plates for Test D were thicker
than those of Test C because a larger thickness was required to
prevent shear yielding of the plates adjacent to the column flange
fillet welds, since all the applied plate load must enter the column
as shear along this weld. The gap between the end of the plates and
the column web was 1.9 cm (.75 in) for the W12 x 106 and 2.5 cm
(1.0 in) for the W14 x 184.
4.5 Type A Connection Detail Test Results
4.5.1 Load-Deflection Behavior
Shown in Figs. 81 and 82 .respectively are the load deflec-
tion curves for Tests l2C and D followed by Tests l4C and D. All
curves for all four tests exhibit a definite elastic slope followed
by gradual yielding and then plastic ·flow at nearly constant load.
All the connections achieved the maximum possible load for a web
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connection; i.e. t the load required to cause a plastic hinge in the
column. This theoretical load level is represented by the load Pp
and is shown as the horizontal dotted line in the figures. This load
level was computed by assuming the column to act as a simply sup-
ported beam loaded by two concentrated loads (flange tension plate
This indicates that t because the P load level was at-p
tained t there was no adverse performance by the web connections.
From a stiffness viewpoint t the connections performed as
/
expected. The dashed line with the steeper slope in each figure is
the theoretical elastic slope of a simply supported beam loaded by
two concentrated loads (as the test setup represents)t including
the effects of beam shear and moment. Also represented in the 'same
elastic slope is the shortening and lengthening respectively of the
tension and compression flange plates. The difference between this
theoretical slope and the actual test curves is due mainly to the
deformation of the flange connection plate between the column flanges
or in the case of Test Ct flange connection plate deformations
combined with column web deflection.
In Chapter 2 it was observed that even for columns with very
thick webs, the presence of a weld between the flange plate and the
column web for Type A web connections did not attract an appreciable
amount of the total flange plate force. In fact, for the connections
studied, the maximum force reaching the column web was approximately
ten percent. Therefore, it should be expected that the load-
deformation curves of Detail C and Detail D, where no flange plate
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force goes to the column web, should be similar. This is very much
the case for l4C and D in Fig. 82. The difference between the two
curves in Fig. 81 can be attributed to the test setup because the
initial e~astic slopes are the same as well as the unloading slopes.
The more correct slope is probably that of Test l2D. The small dif-
ference in thicknesses of the flange plates would not be significant
and would not be large enough to cause a difference between the
curves.
Assuming that only ten percent of the total flange plate
force enters the column web for Test C on both columns, computations
can be made to calculate the deflection contribution due to the
deformation of the flange connection plate between the column flanges,
which is the same as the column web deformation, for Connection l2C
and l4C using the methods developed in Chapter 2. Performing this
calculation and adding this deflection component to the other com-
ponents in the two figures, the second elastic slope in each figure
is obtained. In both cases, the theoretical curves are very close
to the experimental showing very good agreement in stiffness pre-
dictions. The difference between the second theoretical slope and
the test curves can be attributed to deflections of the yoke or
possible misalignment of the testing load. As a further comparison,
throughout the loading of the specimen measurements were made of
the deflection of the column web relative to the junction of the
column web and flange. For Test l2C at a testing machine load of
2230.5 kN (500 kips), the column web deflection was 0.0178 cm
(.007 in) compared to a theoretically computed value of 0.024 cm
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(.0095 in). For Test 14C, at a testing load of 2230.5 kN (500 kips),
the experimental deflection of 0.0114 cm (.0045 in) compared to a
theoretical ca1ue of .0194 cm (.00765 in). The computed value for
14C is farther from the theoretical value compared to 12C due to
the unaccounted for influence of the thicker column web in 14C
perhaps attracting more than 10 percent of the flange plate force.
4.5.2 Stress and Strain Distributions
An indication of the extent to which the column web is
aiding in resisting the applied forces for the C and D details is
given in Fig. 83 for the W12 x 106 column. This is a plot of tension
plate force versus strain in the column web. The strain is measured
in the column web on the opposite side where the tension plate of
each detail was attached. The two curves plotted in the extreme
left are for Tests 12C and 12D. The strain measurement is reflective
of the amount of deformation to which the column web was subjected
due to application of a percentage of the applied beam flange tensile
force on the web. Theoretically, the strain in Test 12D should be
zero because no force from the tension plate enters the web. However J
due to a rotation of. the column flange-web junction caused by
Poisson's effect between the tension plate and the column flange,
there exists a slight bending strain due to the out-of-plane motion
of the column web. It is interesting to note that for both
connections, the column web strain remains elastic even near maximum
load as evidenced by the straight lines, indicating the column web
was under little distress due to the tension plate load.
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In Chapter 2 t the point was made that the stress di~tri-
bution across the flange plate in the vicinity of the column flange
is not uniform. This nonuniformity manifests itself as severe
stress concentrations at the edge of the flange plates. In addition
to local yielding t this could eventually lead to fracture t initiated
by small flaws caused by welding and aggrevated by an extremely
complex stress state.
This nonuniform stress state was evident in the test of
details C and D. Shown in Fig. 84 is a plot of the stress across the
tension flange plate of Test l4C. Shown on the plot are the distri-
butions for two different tension plate loads. The stresses were
obtained from measurement of strain at three locations across the
tension plate near the column flange tip. The stresses were higher
at the tension plate ends than at the center as observed in the
theoretical analysis. In actualitYt the stress in the plate would
2
not exceed its yield stress (345.8 MN/m (50 ksi). However t for
illustration purposes t the stresses plotted are elastic idealizations
equaling the strain times the modulus of elasticity.
The average normal stress in the tension plate at the higher
load of 1003.7 kN (225 kips) is approximately 124.. 5 MN/m2 (18 ksi).
However t the average of the stresses observed at the three gauge
locations exceeds that value because of some tensile bending stress
on the gaged side of the tension plate caused by the testing setup.
However t in principle, the distribution is valid .
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Figure 85 shows a plot of the stress across the tension
plate of Test l4D, the strain being measured by strain gages on the
tension plate near the column flange tip. Again, for the two dif-
ferent tension plate loads plotted, the stress was very nonuniform.
The fact that the distribution was non-symmetrical was due to the
test setup not properly applying the tensile load. Here there was
less bending in the tension plate from the test setup compared to
Test l4C. The nominal stress in the plate at the higher tensile
2load was approximately 100.3 MN/m (14.5 ksi). This agrees closely
with the approximate average of the stress in the five gages at that
load level, indicating that there was not as much bending of the
tensile plate due to the setup here as in Test l4C. No numerical
comparison of the peak stresses should be made in the two tests
just discussed due to the bending of the flange plate in Test l4C.
However, the general trend toward high stress concentrations for both
tests is evident and valid as documented by the theoretical analysis.
For tests l2C and D as well as l4C and D. no fracture oc-
cured in the tension flange plate. For all these connections,
•
testing was terminated when the plastic moment of the column, acting
as a beam, was attained. At this load level. the nominal stress in
the flange plates was only about one-half of the yield stress. Even
though there were plastic strains along the edges of the flange
plates due to the stress concentrations, these strains had not
increased to such a level that any flaw present in the edge of the
. plate could have been driven to a critical size. The material in the
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center of the width of each plate remained elastic to prevent the "
unconstrained plastic flow of the tension plate.
One further point must be illustrated with regard to the
stress distribution of Test l2D. Shown in Fig. 86 is a photograph
. of the tension flange plate of Test l2D. Of interest are the
localized areas of yielding adjacent to the flange plate to column
flange weld indicated by the flaking whitewash. Since these welds
were the only attachment of the column with the tension plate, all of
the flange plate force must be transmitted to the column through
these two welds as shear. This produces very high shear stresses
which, if not properly accounted for, lead to yielding in the tension
plate along this weld or overstressing of the weld. At the maximum
testing load for Test l2D with a tension plate force of 1266.9 kN
(284 kips), the average shear stress in the flange plate along the
2flange plate weld was 245.5 MN/m (35.5 ksi) compared to the Von
Mises shear yield stress of 200.5 MN/m2 (29 ksi) , which accounts for
the flaking whitewash in the photograph. The margin between the
yield stress and the ultimate (strain hardening) prevented the load
from dropping off once shear yielding occurred. Also, no note was
made of the exact load level at which this yielding initiated.
This yielding may have occurred at a'load level below the Von Mises
shear yield stress producing load due to the residual stresses
developed in the plate at this region induced by the placement of the
fillet welds. Similar yielding of the flange plates was observed
on Test l4D •
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4.6 Type B Connection Detail Test Results
4.6.1 Load-Deflection Behavior
This section presents the results of the four details
fabricated as Type B web connections; namely l2A and Band l4A and B.
A photograph showing Specimen l2A after completion of
testing is presented in Fig. 87. Failure of this specimen was
caused by fracture of the column web material in the region of the
tension plate. This fracture can basically be considered a shear
punch failure compounded by the high bending stress present in the
column web at the edge of the tension plate. No such fracture
occurred in the region of the compression plate. The test failed
at a testing machine load·, of 1302.6 kN (292 kips) (651. 3 kN
(146 kips) tension and compression plate load). The extent of the
column web yielding in the panel zone between the tension and
compression plate is shown in Fig. 88. From the figure it is evident
that yielding progressed through the entire region, but the pattern
only slightly resembles the yield pattern of Fig. 127. Much of the
yielding was concentrated near the two plates with the region near
the tension plate, at right in the figure, showing more yielding
than the compression plate region. For this test, the plate width
of 17.8 cm (7 in) was 74 percent of the distance between column
k-lines.
Shown in Fig. 89 is a plot of the load-deflection curve for
the tension plates of Tests l2A and l2B. These plots reflect the
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overall behavior of the connections and include items such as the
bending of the column acting as a beam, shear deflection of the
column acting as a beam, column web deformation, and elastic defor-
mation of. the tension and compression plates. The dashed line in
the figure is a theoretical elastic load-deflection curve for Test
l2A assuming the column to act as a beam loaded by two equal con-
centrated loads at the tension plate locations of the two tests.
The dashed line theoretically represents all the deflection com-
ponents described above except the column web deflection. The
theoretical slope for l2B would be slightly stiffer due to the
larger flange plates. The gap between the theoretical and test
slopes illustrates the large flexibility of Type B web connection
caused by column web deformation. Also obvious is the fact that the
connection with the narrower flange plate is the most flexible due
to the flange plate force being concentrated nearer the center of
the column web.
Also shown in this figure are the values of Pyl and Pp
which are, respectively, the loads required to cause the theoretical
yield line mechanism of the column web of Test A and the plastic
hinge mechanism of the column. As is evident from the figure, the
maximum load for l2A is well below P , as could be expected, butp
it is also far below the yield line load P 1. The maximum testing
. y
machine load in Test l2A was 1302.6 kN (292 kips) which is 77
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percent of Pyl The testing machine load at which fracture of the
••
load) and is obvious by the change in stiffness at this point in
Fig. 89. Some column web yielding had occurred prior to this load
level as indicated by the flaking whitewash.
·Test 12B was designed with a tension and compression plate
width equal to the distance between:co1umn k-1ines. Photographs
showing this specimen at failure are given in Figs. 90 and 91.
The failure of Test 12B was due to fracture of the column web
material at the ends of the tension plate. A hole which penetrated
the column web developed at this point. No fracture was evident
in the region of the compression plate. The test reached a maximum
testing machine load of 1490 kN (334' kips). The extent of yielding
of the column web in the panel zone is shown in Fig. 91. Here, the
yielding is basically concentrated at the two plates with more
.yie1ding occurring in the area around the tension plate (at right
in figure) than at the compression plate.
Shown in Fig. 89 is a plot of the tension plate deflection
versus testing machine load for Test 12B. Since the flange plates
were so wide that the theoretical yield line mechanism could not
form, it was felt that this test might be able to attain P , thep
plastic hinge mechanism of the column. However, Fig. 89 shows the
maximum load for Test 12B was 1490 kN (334 kips) which is only 64
percent of P due to the column web fracture caused by the highp
flange stress concentrations. The initiation of fracture of the
column web in this specimen occurred at a testing machine load
of 1454 kN (326 kips) (727.1 kN (163 kips) flange load) and this
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is evident from Fig. 89. Again on this test, there was some
yielding of the column web prior to fracture. Also, in Fig. 89, the
elastic stiffness of Test 12B is greater than Test 12A as would be
expected ~ue to the widerf1ange.p1ates of Test 12B spreading the
flange force to a stiffer portion of the column web.
Photographs showing the failure of Specimen 14A are shown
in Figs. 92 and 93. The failure of this specimen was caused by
fracture of the column web material near the edges of the tension
plates as shown. No fracture of the column web material occurred at
the ends of the compression plate. Figure 93 is a view of the
column web from the side opposite the tension plate showing the
fracture of the web material. The test reached a maximum testing
machine load of 1846.8 kN (414 kips) before failure. The extent of
yielding in the panel zone for this specimen is shown in Fig. 94.
The yielding was essentially concentrated near each of the tension
and compression plates. The column web at the tension plate (at
right in photograph) showed considerably more yielding than the web
at the compression plate. The yielding of the column web did not
reach to the midpoint of the two loading plates and, therefore, did
not resemble the yield line mechanism of Fig. 127. For this test,
the plate width of 15.9 cm (6.25 in.) was 55 percent of the dis-
tance be·tween column k-1ines.
Shown in Fig. 95 is a plot of the tension plate deflection
of 14A and 14B. The tension plate deflection is reflective of the
•
overall connection behavior. ShoWn on this graph are the values of
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Pyl and Pp ' The sloping dashed line isa theoretical elastic load-
deflection curve for Test l4A assuming the column to act as a beam
loaded by two equal concentrated loads at the tension plate locations
and accounts for bending of the column acting as a beam, shear de-
flection of the column acting as a beam and elastic deformation of
the tension and compression plates. As is evident from Fig. 95,
Test l4A failed to achieve P , as might be expected, but it alsop
failed to reach the yield line load Pyl'
was 89 percent of Pyl' The flange load at which fracture of the
column web initiated was 780.7 kN (175 kips) (1561.4 kN (350 kips)
machine load) and is clearly obvious by the change in stiffness of
the connection at this point in Fig. 95. As in Tests l2A and l2B
some yielding of the column web was observed prior to the load at
which fracture occurred.
Comparing Fig. 89 with Fig. 95, it is evident that the
web deflection of Test l4A is much greater than l2A at the same load
level even though the column web is thicker and the column has a
higher moment of inertia. This was due mainly to the deeper web of
the 35.6 em (14.0 in) column and the narrower tension plate
(relative to distance between column k-lines) of l4A producing
greater web flexibility. This smaller relative plate width for l4A
versus l2A explains why elastic stiffnessesof l2A and l2B are
closer than those of l4A and l4B.
A photograph showing the failure of specimen l4B is given
in Fig. 96. The failure 6f Test l4B was again due to the fracture of
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the column web material near the ends of the tension plate. The
column web adjacent to the compression plate did not fail. The test
reached a maximum testing machine load of 2248.3 kN (504 kips).
There was considerab~y more yielding on the column web at the
tension plate than at the compression plate. This specimen had
tension and compression plates of a width equal to the distance
between column k-lines.
Shown in Fig. 95 is the testing machine load versus the
tension plate deflection for Test 14B and its comparison to the
plastic hinge mechanism load P . The maximum test load was 87p
percent of P . As indicated by the drastic change in slope on thep
load-deflection curve in Fig. 95, the fracture of Test 14B initiated
at a load of 2230.5 kN (500 kips). It is also interesting to note
on Fig. 95 that the elastic stiffness of Test 14B was greater than
that of Test 14A due to the wider plate of Test 14B.
4.6.2 Stress and StrainDistributiortsirtCo1umnWeb
As an example of thedef6rmation imposed upon the column
web of Tests A and B~ Fig. 83 presents the tension flange plate load
versus column web strain in the column web for Tests 12A and l2B.
The strain is measured on the column web on the opposite face to
which the tension plate is attached. Test 12A has a narrow flange
p1ate~ thereby concentrating its force nearer the center of the
column web making the system very flexible. For Test 12B~ the force
is distributed over a wider area of the column web with more force
going to the stiffer region near the column flange. This causes
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The fairly constant slopes in Fig. 83 of three of the four
connection tests indicate that the distribution of the applied
force in the column web was constant, meaning no local yielding or
other phenomena to cause a redistribution. The same is true for
Test l2A up to a flange plate load level of 557.6 kN (125 kips).
It is at this point that shear punch failure possibly combined with
yielding in bending of the column web developed at the tension
flange plate edges causing a redistribution of the tension plate
force. This dictated that more of the force enter the column web
at the center of the column web where the strain gage was placed,
thereby decreasing the slope of the load-strain.
4.6.3 Column Web Deformation
In addition to the overall load versus deflection measure-
ments which were taken for the tests, readings were also taken of
the column web out-of-plane deflection as measured relative to the
column web-flange junction. This web deflection was caused by
bending of the column web plus, for connections with no stiffening,
rotation of the column web~flange junction due to out-of-plane motion
of the column flanges. This second component will be discussed in
more detail later. One such plot for the tension and compression
plates of Test l2A is shown in Fig. 97. Here the fracture of the
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column web is again obvious at the tension plate location by the
large increase in column web deflection for only a small increase
in load at approximately 557.6 kN (125 kips). It is quite obvious
from thi~ plot that a fracture occurred in the web adjacent to
the tension plate due to the large column web deformation at the
last two load increments. Superimposing this column web force-
deflection relationship upon the theoretical.~eflectionin Fig. 89
computed assuming the column to act as a beam loaded by two con-
centrated loads, the combined theoretical elastic stiffness is
obtained. Adding the approximate slope from Fig. 97 to the
theoretical elastic slope from Fig. 89 gives a value of 1113.5 kN/cm
(634 k/in). This value is compared with the elastic experimental
slope of 914.7 kN/cm (520.8 k/in) for Test l2A in Fig. 89. The
difference can be attributed to some small deformations of the
testing machine setup plus column web deflection due to rotation
of the column flange-web junction. This component of column web
deflection was not able to be measured with the gaging present at
the column web for these tests.
Another deformation which is characteristic of Ty~e B web
connections without stiffeners is the out-of-plane movement of the
column flanges. This movement occurs on the column flanges at the
tension and compression flange plate locations. The movement is
caused by out-of-plane motion of the column web at these locations
which then causes a rotation of the column web-flange junction which
in turn causes a movement of the column flange due to the small
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resistance of the column flange to torsional loads. This movement
subsides as the distance increases along the column from the flange
plate locations. Such movement is not present in Type A connections
without ~tiffening due to the restraint provided by the flange
connection plate.
Shown in Fig. 98 is a plot of such a deflection for Test
l2A with the deflection at maximum load being quite substantial. A
photo showing this deflection is presented in Fig. 99 for Tests l4A
and l4B. The implications of such movement are quite obvious. This
out-of-plane movement coupled with a large axial load on the column
could possibly compound the movement and lead ultimately to local
buckling of the column flange for columns with high flange slender-
ness ratios .
4.6.4 Stress and Strain Distributions in Beam Flange Plates
As discussed in Chapter 3, the nonuniform stress distri-
bution in the tension and compression flange plates plays a very
important role in the behavior of Type B web connections. This
characteristic non-linear stress type of behavior was observed in
the four Type B detail tests. As an example, shown in Fig. 100 is a
plot of the load versus tension flange plate strain for Test l4A.
The strain was measured by five linear strain gages placed as shown
in the figure immediately adjacent to the full penetration groove
weld attaching the flange plate to the column web. As expected the
two outermost gages near the edges of the flange plate exhibited
the highest strain (and consequently stress) throughout the entire
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loading history. The difference between these two curves is probably
attributable to a slight non-uniformity in application of the load.
The next two gages show that the strain has rapidly decreased over
the shor~ distance thai the two sets of gages are apart. Finally,
the middle gage shows the lowest strain reading. Shown by the
dashed line is the strain which would occur should the stress in
the tension plate be uniform.
This distribution can be explained from the viewpoint of
flexibility of the column web~ Due to the constraint offered by
the column flange, the column web stiffness increases significantly
near the column flanges. Hence, as a force is applied to either the
tension or compression plate, the higher stress in the plate will
occur in the region of greater stiffness; i.e., the edge of plate
adjacent to the column flange. Test data show that the degree of
non-uniformity of the stress increases as the ratio of the flange
plate width to clear distance between column flanges increases.
This is because, as .the plate becomes wide, the edges are closer to
the stiff column flanges and consequently, disproportionately more
stress in the plate is attracted to the plate edges. This was ob-
served in the theoretical discussions of Chapter 3.
For Tests l2A and l4A this higher than normal piA stress
was one of the contributing factors leading toward fracture of the
column web. This high local stress causes a large transverse shear
stress in the web at the point where the flange edges are attached
to the column web. The other important aspect of connections like
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these two where the flange plate is narrow compared to the column web
depth is the large web deflection. This web deflection leads to
large web bending moments causing yielding of material at lower loads
than if t~e flange were wider. Also the 'large deflection leads to
a triaxial state of stress in the column web at the flange plate
tips.
4.6.5 Column Web Bending and Shear Punch Phenomena
For tests l2B and l4B~ the flange plate is so wide that the
bending of the column web leading to a yield line mechanism cannot
occur. Consequently~ these tests might be expected to develop the
plastic moment of the column. However~ because of the stiffness
,.
•
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situation, Tests l2B and l4B failed by fracture of the column web by
the flange plate essentially punching (in a tensile mode) a hole in
the web, at loads slightly below the column plastic moment load.
Depending upon the column web thickness relative to the column weak
axis moment of inertia, the form of the Type B web connection could
still possibly develop the column plastic moment on some connections.
Whereas in the connections with narrow flange plates where the
bending deformation was a large contributor to the shear punch
failure, the failure of connections 'with plates extending from column
k-line to k-line was basically a shear punch failure with only some
bending contributions at the point of fracture. For connections
having flange plate widths somewhere between these two limits, the
two phenomena contributed varying amounts:to the total stress
picture .
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Just as the out-of-plane behavior contributed to the early
yielding and initiation of fracture of the column web, it can be
beneficial in the inelastic range. In Fig. 91 the initiation of
fracture of the. column web of Test l4A is shown by the large decrease
in stiffness of the connection. At this point, the column web has
deformed out-of-plane to a large extent, allowing significant mem-
brane stress to enter the picture. Thus, from this point on in the
loading, the fracture situation tends to reduce the load carrying
capacity while the membrane stress, rather than the bending stress
of the column web, tends to allow an increase in load. By examining
the figure, it shows that the increase of the membrane stress
exceeds the localized material tearing and the load continues to
increase beyond the initial fracture point. This phenomenon did
not occur in Test l2B or l4B because the plates were so wide and the
out-of-plane deflection of the column web remained relatively small,
not allowing the membrane action of the column web to be developed.
The membrane effect did not appear in Test l2A to the extent
of Test l4A for basically the same reason it did not occur in Tests
l2B or l4B. For Test l2A, the flange plates were 17.8 cm (7.0 in)
wide or 74 percent of the distance between the column k-lines.
This is a relatively wide plate when compared to the 15.9 cm (6.25 in)
wide plate of Test l4A which was only 55 percent of the k-line
distance. Thus, for Test l2A, the out-of-plane deformation of the
column web was small compared to that of Test l4A. Therefore, for
Test l2A, the fracture condition tending to reduce the load far
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exceeded any membrane effect, preventing much of an increase in
load beyond initial fracture.
As a basis of comparison of the testing results with the
concepts 'presented in Chapter 3, the flange plate loads at which
shear punch yielding should occur for Tests 12B and 14B
cu1ated, since these are the two connections whose behavior is not
nearly as clouded by the bending of the column web. Using the
actual yield strength of the columns web material as determined
from tensile coupon tests and obtaining an estimate of the effective
width from the values on Fig. 59 and using the procedures in
Chapter 3, the flange plate forces calculated to cause shear yield
under the edges of the flange plates are 481.8 kN (108 kips) and
606.7 kN (136 kips) respectively for 12B and 14B. The experimental
values were selected at:the load level at which noticeable non-
linearity of the flange plate load-column web deflection curve
initiated. These flange plate load values were 727.7 kN (162 kips)
and 780.7 kN (175 kips) for Tests 12B and 14B respectively. The
agreement is reasonable considering the fabrication of the specimens.
The full penetration welds connecting the flange plates to the column
web sloped. making them much wider where they were in contact with
the column web than they were where they touched the flange plate.
~
Also there was some weld material which wrapped around the narrow
edges of the flange plate. These items had the effect of increasing
the perimeter which would be acted upon by the beam flange shear
punch force and thereby increased the experimental load beyond the
-153-
••
•
•
values which would be obtained had the welds been neatly dressed to
appear as mere extensions of the flange plates.
The fact that the column web of the connections with the
narrower 'flange plate attachment will fail prior to the connections
with wider attachments is borne out by an examination of the strain
data. Tests l2A and l4A exhibited much higher column web strains
at the edge of the attached plates than did Tests l2B and l4B
respectively. Also, as might be. expected, the strains were always
much higher in the column web at the edge of the flange plate than
at the middle regardless of plate width. This indicates that al-
though the effective width ratio is larger for a·.narrower plate,
the presence of a large bending stress as measured by the strain
gages causes the narrower flange plate connections to fail prior to
wider flange plate connections. Stresses measured in the column web
at this tension plate location are always larger in the direction of
the web depth than in the longitudinal direction due to the
restraint of the column flanges •
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5.1 Introduction
The previous. chapter dealt with the experimental investiga-
tion of beam-to-column web connections via the testing of web con-
nection details. As revealing as these tests appear to be, it re-
mains that they are still only detail studies and do not test the
web connection in its true setting of a beam and column assemblage.
There are several reasons why the connection details do not entirely
represent actual web connection behavior. The detail tests were
ones where there was no shear applied to the column by the beam•
Also no axial load was applied to the column. There was no attachment
between the tension and compression flange plates as would be pre-
sented by the beam web.
Because of these, plus several other factors, it was decided
to conduct a testing program comprised of four (4) full-scale beam-to-
column web connection assemblages. The assemblages chosen for
testing were those that are most commonly used today in fabrication
of steel beam and column structures. It is the purpose of this
chapter to describe this testing program and to detail the results
and explain some of the behavior of the connections when acted upon
by realistic web connection assemblage loads in relation to the
. theoretical behavior described in Chapters 2 and 3.
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tests, was viewed as a study of web connection performance from the
standpoint of strength, stiffness, stress distribution and con-
nection aucti1ity. For example, as far as connection strength is
concerned, the theoretical desired maximum strength of the web
connection assemblage in Fig. 3 occurs when plastic hinges form in
the column at X and Y or in the beam adjacent to the column. For the
case of hinges in the columns without axial load, this would occur
when a moment of M is reached at Z and Y (M for a column withp pc
axial load).
Attainment of any strength level below that described above
due to problems or phenomena in the web connection region means that
the connection is performing inefficiently and uneconomically because
some of the strength capacity of the beam or the column is not
being utilized. Some of these phenomena as described in previous
chapters are fract~re, shear punch, and local yielding.
The purpose then of the subassemb1age tests was to test
realistic beam-to-co1umn web connections under loads found in a
realistic structural setting and observe the stiffness, stress
distributions, strength, and ductility of these connections.
Further it was the purpose to observe and identify any phenomena
which occur which may adversely affect the performance of web con-
nection. These phenomena are ones which affect the stiffness,
. strength, and ductility of web connections to such a degree that they
could influence the performance of the structure of which they are a
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•part. These observations together with the theoretical presentations
in Chapters 2 and 3 will present insight into the behavior and design
philosophy of beam-to-co1umn web connections.
As detailed in Chapter 1, there has been very little testing
of beam-to-co1umn web connections. Reference 18 details the largest
experimental investigation of web connections. However, this testing
program involved small structural shapes tested under cyclic loading
in the absence of any column axial loading. Two other web connection
tests reported in Refs. 19 and 20 were also tested under cyclic
loading. Reference 21 describes a static test of a symmetrical web
connection,that test being a part of a four-way connection test
assemblage. This lack of testing, especia11y.under static loading,
leaves a large gap in the amount of knowledge available for engineers
to adequately design the web connections.
5.2 Testing Program
To accomplish the objectives outlined in the previous
section, a program of four beam and column subassemb1ages was
developed. The subassemb1ages were composed of a column to which
was attached a beam at the column mid-height. The applied loading
on the beam and column plus the reactive forces on the column ends
provided the force distribution similar to that of a web connection
assemblage in an actual building frame. The connections were fu11-
. scale using realistic beam and column sections, unsymmetrically
loaded by an increasing monotunic load to simulate static conditions.
A complete description of the testing program is givenin~
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The specimens were designed according to the AISC Specifica-
tion (Ref. 17). The connections were proportioned to resist the
moment and shear generated by the full factored load. Since the
loading condition resembles gravity type loading (dead load plus
live load) the load' factor used was 1.7. The stresses used in pro-
portioning welds, shear plates, and top and bottom moment plates
were then equal to 1.7 times those given in Section 1.5 of the AISC
Specification. For A490 high-strength bolts in bearing-type con-
I
I
nections, the design shear stresses used were/equal to 1.7 times
276.6 MN/m2 (40 ksi) instead of 221.3 MN/m2 (32 ksi) as suggested
in Ref. 17.
The specimens were fabricated from ASTM A572 Grade 50 steel.
This steel was selected due to its increased use in building design
and because there is a narrower margin between yield and ultimate
stresses for this high strength steel than for a lower grade steel.
Thus, if the web connections perform well using the high strength
steel, similar connections using mild steel should also perform
well.
/
The column and beam sizes were the same for all four (4)
specimens. The column was a W14 x 246 and the beam was a W27 x 94.
These connection components were chosen so that there would be a
realistic combination of members to simulate a connection in a
multistory frame.
The column section was chosen to avoid a failure in the
column outside of the connection region. This section was arrived at
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after considering stability of the 5.49 meter (18 ft.) long
column under axial load and bending as well as yielding of the
column cross-section above and below the beam. Since in the test
setup the column was to have fixed ends, the column length of 5.49
meter (18 ft) was chosen so that the distance between column inf1ec-
tion points was 3.66 meter (12 ft), a figure fairly reflective of
buildings currently being designed.
The beam length varied for the four (4) specimens. The
, \
connections were proportioned such that the beam section at the beam-
to-column juncture could resist the beam plastic bending moment Mp
and 81 percent of the b~am shear, V , required to cause shearp ,
yielding of the beam web. This section was called the critical
section and was different for the various connections. (The location
of the critical section for the four (4) connections is given in a '
later paragraph.) The beam span to the critical section from app1i-
cation of the beam load was then simply the ratio of M to 81 percentp
V. For the beam section used, the length of the beam from app1ica-p
0'
tion of load to the critical section was 121.9 cm (48 in).
In connections where some of the elements were bolted; ASTM
A490 bolts were used to assemble the joint. All bolted joints were
designed as bearing-type using an allowable bolt shear stress for
A490 bolts of 276.6 MN/m2 (40 ksi)~ The use of this higher allowable
shear stress has been proven satisfactory when used in previous
beam-to-co1umn connection studies (Ref. 15) .
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Although oversize and slotted holes are desirable to facili-
tate erection adjustments, the effect of using holes cut in this
manner on the performance of beam-to-column connections was already
shown (Ref. 16). It has been observed that slotted holes perpendic-
ular to the direction of the bolt shear force do not affect the
strength of bearing-type beam web joints. 'For this reason, it was
decided to use round holes 1.6 mm (1/16 in) larger than the bolt
diameter to assess their effects on the behavior of bolted beam-to-
column connections. The holes of bolted flange plate connections
designed to be in bearing were also 1.6 mm (1/16 in) larger than the
bolt diameter. Holes were punched, sub-punched and reamed, or
drilled as required by the AISC Specification. All bolts were in-
stalled by the turn-of-nut method .
The connection specimens were welded according to the AWS
S~ructural Welding Code (Ref. 36). For fillet welds, the weld
electrodes were E70XX. In determining the size of the fillet weld,
the design shear stress on the effective throat was taken as 1.7
times the allowable stress of 145.2 MN/m2 (21 ksi). The full pene-
\
tration groove welds were made using the flux-cored arc welding
technique. All welds were checked ultrasonically for defects.
5.3 Test Setup
A schematic view of the test setup for the full-scale tests
is shown in Fig. 3. Figure 101 is a photograph of the setup taken
during testing. The assemblage was placed ina 22.3 MN (5000 kip)
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universal testing machine with that machine applying a constant
axial load to the column. An axial load was applied to the column to
have as realistic an assemblage as possible. It was found (Ref. 39)
that ~xial load has an effect on yielding and deformation of con-
nections. The lower end of the column was bolted to the floor and
the upper end was held in a fixed-end condition position by the
testing machine head and bracing beam. An upward load to the beam
was then applied by a hydraulic jack in increments to simulate static
loading.
After it was placed in the testing machine and properly
aligned, the column was loaded in 115.3 kN (250 kip) increments to
a load of 6780.7 kN (1520 kips). This total column axial load was
equal to the value of the column axial load P obtained from pip =y
0.5,(8074.4 kN (1810 kips» minus 1293.7 kN (290 kips). The valueof
1293.7 kN (290 kips) is the beam load (V) calculated to causeM in
"'P
the beam at the critical section. P is the axial load required toy
cause yielding in the column in the absence of bending moment. Both
P and V values were calculated using nominal yield stress values of
345.7 MN/m2 (50 ksi) since tensile coupons had not been tested to
provide an accurate assessment of the material yield stress.
The beam was then loaded in increments of approximately
111.5 kN (25 kips) until deflections became excessive, at ~hich time
a deflection increment was applied. The value of the column load as
applied by the upper head of the testing machine was adjus.t.ed: at
each beam load increment to read 6780.7 kN (1520 ~kips) plus the beam
•
load V.
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Thus, the column in the top half of the assemblage had an
axial load of P + V and the column in the bottom half had a value of
P. At the time that the theoretical plastic moment of the beam was
attained 'at the critical section, the value of the axial load in
the upper column was equal to the desired value of pIp = 0.5. If
Y
the value of V exceeded 1293.7 kN (290 kips), the axial load in the
column was allowed to increase beyond pIp = 0.5 by the amount ofy
the beam load above 1293.7 kN (290 kips). Thus, the test assemblage
simulated an inverted assemblage of a building frame where the load
on a ~articular floor level increases the load.o; the column below
I" •
that level relative to the column above.
Instrumentation of the specimens involved the use of both
strain and dial gages'. Strain gages were placed on the column
"
flanges, on the column 'web opposite' theti:msio'riand cO'mpressio'n
flange plates, on the tension flange connectio~ plate, and on the
beam ~eb'and flanges to mea~ure 'strain distrib~tiortin'the'respecti~e
elements. These strains were then converted to stresses based on
knowledge of the material properti~s. Dial gages measured such
:..; ," .quantities as beam-deflection, column and beam rotation, as well as
\.. i ...
column web and flange movement. ~,
5.4 Description of Specimens
Specimen 14-1 shown in Fig. 102 is·a flange-welde~web-
bolted connection. It is an example of a Type A :web connection'.
,,~~
The beam flanges were groove welded to the 'flange connection moment
, "
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plates which, in turn, were fillet welded to the column web and
flanges. A one-sided shear plate bolted with seven 2.2 cm (.875 in)
diameter A490 high-strength bolts was used to resist vertical beam
shear. The shear plate was fillet welded to both the column web
and flange moment plates. Round holes 1.6 mm (1/16 in) greater than
the bolt diameter were used in the web plate and beam web. The flange
moment plates were 1.90 cm (.75 in) thick which was the thickness of
the beam flanges, and the web plate was 1.27 cm (.5 in) thick, which
was the beam web thickness. The critical section here was at the
column flange tip approximately 20.3 cm (8.0 in) from the centerline
of the column web. This then provided a beam span from the center-
line of coiumn of 1.42 m (4'8") to the application of the beam load.
Specimen 14-2 (Fig. 103) was also a flange-welded web-bolted
connection. The beam flanges were welded directly to the column web
by a full penetration groove weld making this an example of a Type B
web connection. The beam web was bolted to the column web via a pair
of back-to-back angles to resist shear. The angles were 8.9 x 8.9 x
.95 cm (3-1/2 x 3-1/2 x 3/8 in) ~nd the bolts were eight 1.90 cm
(.75 in) diameter A490 high-strength bolts. The angles were fillet
welded to the web of the beam. Here, the critical section was at
the centerline of the column giving a beam span length measured from
the column centerline of 1.22 m (4'-0).
Shown in Fig. 104 is connection 14-3, a fully bolted con-
nection. This Type A web connection had the top and bottom moment
plates bolted to the beam flange by ten 2.5 cm (1.0 in) diameter
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A490 high-strength bolts in 2.70 cm (1-1/16 in.) round holes. These
2.5 cm (1.0 in) thick moment plates were fillet welded to the column
web and flanges. This connection was designed as a flange bearing
connection. The beam web shear attachment was the same as that of
Specimen 14-1. Here, the critical section was taken as the outer
row of flange bolts giving a beam span length of 1. 78 m (5' -10~') .
The decision to use the outer row of bolts as the point of the
critical section was based ,on the results of the tests conducted and
reported in Ref. 1.
Specimen 14-4 shown in Fig. 105 is a fully-welded con-
nection and was used as a control test. The connection was similar
to 14-1 in that the beam flanges were groove welded to the flange
moment plates which, in turn, were fillet welded to the column web
and flanges. However, in this connection, the beam web was groove
welded to the shear plate to transfer the beam shear. The web shear
plate was again fillet welded to both the column web and flange
moment plates. The beam web was welded to the web shear plate after
being held in position by three 1.90 cm (.75 in) A307 erection bolts.
As in 14-1, the critical section was at the column flange tips with
a similar beam span length of 1. 42 m (4' -8") •
5.5 Test Results
A cursory description of the test results of the four as-
semblage tests is presented in this section. This description in-
cludes items such as failure mode, maximum load levels,
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load-deflection curves and photos of the tested specimens. A more
thorough discussion of particular aspects of the connection behavior
as well as a comparison of test results with theoretical findings
outlined 'in Chapters 2 and 3 wi+l follow.
The beam load versus beam deflectio~ plot for Connection 14-1
, is given in Fig. 106. The connection exhibited a distinct linear
elastic slope followed'by gradual yielding leading to a situation
approaching a plastic plateau on the load-deflection curve. Failure
of this specimen was due to tearing across the entire width of the
tension flange connection plate in the region of the transverse
groove weld attachment with the beam flange. This tear is shown in
Fig. 107. The failure was instantaneous with no evidence of tearing
prior to the last load increment. The beam load dropped to zero
immediately with no opportunity to observe an unloading slope for
the connection. A view of the ,connection panel zone region at the
/
conclusion of testing is given in Fig. 108.
The failure of this specimen occurred at a beam load of
1217.8~3 kips) which is 85 percent of the beam load (VMP )
requireo to cause the plastic moment in the beam at the critical
section. Since most design and analysis techniques for steel
frames use beam span lengths from center-to-center of column, the
percentage of computed M attained on this basis is much higher.p
If the centerline of the column were to be taken as the critical
section, the load level reached would be 99 percent of the load
calculated to produce M. The beam deflection at the maximum load
, p
was 5.26 cm (2.07 in).
- ----------,
••
•
Figure 109 shows the beam load versus beam deflection plot
for connection 14-2, a Type B web connection. The curve has a
definite linear elastic V - ~ slope up to a load of approximately
446.1 kN ·(9100 kips). The effect of yielding of connection components
is indicated by the non-linear behavior at higher loads. This non-
linear behavior was primarily due to yielding of the column web
under the action of the beam flange forces, the column web alone
having to resist the beam bending forces because the beam flanges
were not attached to the column flanges. The much smaller elastic
stiffness of this connection compared to 14-1 is due to the large
flexibility of the column web and is characteristic of Type B web
connections.
The maximum load in this specimen was 916.3 kN (205.4 kips)
which was 64 percent of VMP at the critical section, which in this
case was taken to be the centerline of the column web. The failure
of this specimen was indicated by two related events. First, at a
beam load of 869.9 kN (195 kips), the column web fractured on one
side of the beam tension flange where the beam was welded to the
column web. The fracture (more correctly labelled a shear punch
failure) did not completely penetrate the column web but caused a
redistribution of stress in the beam tension flange. The fracture
caused an increase in stress (and related strain) on the portion of
the beam still intact with the column web. Ultimate failure then
occurred at a load of 900.7 kN (201.9 kips) when a portion of the
weld still connecting the beam flange to the column web fractured .
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Since the fracture did not proceed across the entire beam flange,
the load did not drop off completely, but no further loading was
attempted. The maximum beam deflection attained was 4.01 cm
(1. 58 in)".
Shown in Fig. 110 is a view of the beam tension flange
showing the fracture in the region of the beam f1ange-to-co1umn web
groove weld. The severe deformations to which the column web was
subjected are visible in Fig. 111 which is a view of the opposite
<
side of the column. The beam tension flange is in the lower part
of ,the photo.
The beam load V versus beam deflection ~ for connection
14-3 is·given in Fig. 112. The plot shows an initial linear elastic
slope up to approximately 401.5 kN (90 kips) and then a secondary
-.
linear slope up to a load of 892.2 kN (200 kips). This general'
type of behavior of two distinct elastic slopes agrees quite favor-
ably with the results of tests on bolted connections recently con-
ducted at Lehigh University (Ref. 1). The second linear slope was
due to many minor slips of the bolted flange plates into bearing.
There was no one major slip during the test of this connection or
during previous beam-to-co1umn bolted connection tests. The fact
that this reduction in stiffness occurs in what would be the working
load range is of considerable importance. The load-deflection '
curve then gradually loses stiffness due to yielding of elements·
within the assemblage. The maximum load attained on this test .was
1289.2 kN (289 kips) which is 90 percent of the beam load required
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to cause M at the critical section (131 percent if the criticalp
section is taken as the centerline of the column web). During the
next load interval) a tear developed in the tension flange connection
plate as shown in Fig. 113 and the load dropped to 1110.8 kN
(249 kips). The load reached a value of approximately 1338.3 kN
(300 kips) before the tear occurred. No further loading was attempted
and the connection was completely unloaded.
A curve depicting the beam load V versus beam deflection ~
behavior for Connection 14-4 is given in Fig. 114. The connection
assemblage exhibited a linear load-deflection slope up to a beam
load of approximately 669.2 kN (150 kips) at which time the stiff-
ness was reduced due to local yielding.
The maximum loading on the specimen was 1353.9 kN (303.5
kips) which is 95 percent of the plastic moment producing beam load
at the critical section (110 percent if the critical section were
considered to be the centerline of ·the column). The testing was
. terminated when) due to the large beam deflection and other defor-
mations) no further purpose would be served by continuing to load.
The load started to falloff from its peak value due to out-of-p1ane
deformation of the beam compression flange and the vertical web
connection plate. The beam deflection at the end of testing was
8.18 cm (3.22 in). A photo of Connection 14-4 at the conclusion of
testing is provided in Fig. 115.
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Presented in Table 35 is a summary of maximum beam loads and
the maximum load as a percentage of the plastic moment load computed
at both the critical section ,and at the centerline of the column.
5.6 Elastic Connection Stiffness
Although a complete description by theoretical means of a
structural component's load-deflection behavior is ideal for pre-
dicting the performance of a structure, the most important part of
this description is the elastic stiffness. This is because most
structures are designed so that all components remain elastic. The
importance of understanding component stiffness as well as overall
structure stiffness has been illustrated previously.
In Chapter 2, a process was presented whereby the elastic
stiffness of beam-to-column web moment connections could be predicted
for Type A connections. This process has been applied to the Type
A connections of the web connection assemblage testing program.
Utilizing those procedures, the theoretical elastic con-
nection stiffnesses were calculated for Connections 14-1, 14-3 and
14-4. Shown in Fig. l06by the dashed sloping line is the calculated
elastic slope for Connection 14-1. There is excellent agreement
between the theoretical and experimental elastic slopes. In addition
to the four components of deflection described in Chapter 2, the
theoretical slope also includes the effect of rotation of the top of
the column at the testing machine head which was recorded during
testing. This rotation occurred due to the inability to achieve a
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complete fixed-end condition where the column meets the testing
machine head. The theoretical contribution to the beam tip deflection
by the column web out-of-plane deflection was 14.9 percent.
A similar comparison of theoretical and experimental
elastic connection slopes is shown on Fig. 112 for Connection 14-3.
Here the experimental curve exhibits a short initial elastic slope
prior to the second slope, indicative of the flange bolts slipping
into bearing. Here again the agreement of the theoretical and the
initial experimental slope is very good. The theoretical curve
accounts for rotation of the top of the assemblage column as well as
for the additional stiffness presented to ~he beam by the flange con-
nection plates. Although the flange connection plate force at the
column web is greater due to the longer span generating more beam
moment, the out-of-plane motion of the column web contributed a
smaller amount to the theoretical beam deflection than Connection
14-1 due to the thicker flange plates. The column web contribution
to the total deflection was 12.1 percent.
The comparison of elastic load-deflection curves for the
final Type A web connection, Connection 14-4, is shown in Fig. 114.
The theoretical slope used here for Connection 14-4 is ·the.same as
that for 14-1. Even though the rotation in the test of 14-4 at the
top of the column would most likely not equal that in 14-1, the
rotation measuring system failed on Connection 14-4 necessitating the~
use of the same column end rotation of 14-1 for stiffness calcula-
tions due to the lack of a better value. This leads to a theoretical
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slope which was 16 percent greater than the experimental slope. Had
precise measurements of the column top rotation been available, there
is no doubt that the theoretical slope would be closer to the exper-
imental slope as was observed in Connection 14-1. The contribution
to deflection by the column web was the same as that for Connection
14-1.
Shown in Table 36 are the experimental and theoretical
stiffness as well as the contribution of the column web to the theo-
retical stiffness. The theoretical stiffnesses are all greater than
the experimental stiffnesses. This is because there are several minor
contributions to the assemblage deflection which were not considered
significant enough to warrant inclusion. Incorporation of these
minor effects would decrease the stiffness very close to the experi-
mental values. One of these minor effects is the shear deformation
of the column. Considering these factors along with the assumption
for all these tests that.95 percent of the flange force entered the
column flange, the agreement in stiffness is excellent. The value of
95 percent for the amount of beam flange force deforming the flange
connection plate (and thereafter entering the column flange) is an
average value selected from Fig. 17 for Type A web connections with
no column stiffening.
Although no procedure was developed in Chapter 3 to compute
the elastic stiffness of Type B web connections without column stif-
fening due to the inability to accurately predict the column web
deformation, there are several items to note in this section with
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regard to the elastic stiffness of assemblage 14-2. This was the
only Type B web connection tested. On the experimental load-deflec-
tion curve of Connection 14-2 in Fig. 109 is plotted the theoretical
elastic stiffness of the web connection incorporating all effects ex-
cept the column web deformation. This curve is the sloping dashed
line on the left in the figure •. This stiffness without including
the effect of the column web deformation is 1039.7 kN/cm (590.2 k/in)
compared to the elastic experimental slope of 579.6 kN/cm (330 k/in) ,
a very large difference. This indicates, as pointed out in Chapter
3, the large effect that the column web deformation has on the over-
all load-deflection relationship in Type B web connections. Using
the measurements of column web deflection which were observed
throughout the testing of Connection 14-2, computing the resulting
beam deflection, and adding this component to the previously computed
deflection components, yields a connection stiffness of 625.2 kN/cm
(356 k/in) which is only 8 percent larger than the experimental
value. This closeness of values, as well as the close agreement of
results for the three Type A connections illustrate that the major
contributions to web connection deformation have been identified.
This also means for Type A connections that procedures have been
developed for the proper computation of all the deflection components.
A total of 40 percent of the stiffness value of 625.2 kN/cm
(356 k/in) for Connection 14-2 is contributed by the deformation of
the column web making the use of Type B web connections without
stiffening questionable from a stiffness point of view. The elastic
slope representing the three theoretical components of deflection
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and the one experimental component of deflection is shown by the
second sloping dashed line on the right in Fig. 109.
5.7 Column Web Deflection
In the last section, as part of the process of computing an
elastic theoretical connection stiffness, the deformation of the
column web was computed for the Type A connections using the proce-
dure outlined in Chapter 2. Since there was good agreement between
the theoretical and experimental elastic stiffnesses, it follows
there must have been good agreement between the theoretical and ex-
perimental column web out-of-plane deformations.
Figure 116 presents data showing the experimental column web
deflections relative to the column fillets measured at both the ten-
sion and compression beam flanges. The curves illustrate a relative-
ly straight elastic portion followed by a gradual increase in non-
linearity. This non-linearity commences about the same load level
where non-linearity starts to occur on the overall load-deflection
relationship. This non-linearity occurs at a point where the beam
moment would start to cause yielding of the beam flange or, in this
case, the flange connection plate. This coincidence of non-linearity
illustrates that the column web truly is flexible compared to the
in-plane stiffness of the flange connection plate. The flange con-
nection plate starts yielding and the flexible web follows due to ;I
the weld connecting them. Should the web be stiff relative to the
flange connection plate, the overall beam load-deflection relation-
ship might start being non-linear due to the flange connection plate
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yielding, but the column web deflection relationship would remain
linear up to some higher level at which it too would start yielding.
Also from the theoretical standpoint, if the column web were the
dominant' stiffness, it would attract more than a mere 5 percent of
the beam flange force.
'l-
Shown in Table 37 is a comparison of the computed and
experimental web deflections for the three Type A connections at
loading levels within the elastic range. The comparisons were made
at the beam loads specified. The experimental deflections of the
column web were observed at the tension and compression beam flanges
on the opposite side of the column web from the beam. Shown also
is a comparison of the theoretical and experimental deflections via
a ratio. As expected, because of the overall good agreement of
theoretical and experimental stiffnesses, the theoretical and experi-
mental column web deflections are very close. Considering the crude
assumptions made in the method by which the deflections are computed,
the agreement is excellent.
5.8 Panel Zone Shear Deformation
In Refs. 11 and 33 the effect of the shear deformation of
the column panel zone upon connection deformation and frame analysis
for unsymmetrical flange connections was illustrated. The column
panel zone in those references was defined as that region on the
column between the tension and compression flanges of the attached
beam.· The same definition is used here. Because of the small
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difference between the theoretical and testing stiffnesses in this
study, it is reasonable to expect that the panel zone shear deforma-
tion, which was not included in the theoretical computation, is small.
This was' found to be the case.
Shown in Fig. 117 is a plot of the panel zone shear versus
shear deformation for Connection 14-3. This curve exhibits the
same bi-linear behavior as similar plots for the flange moment con-
nections reported in Ref. 33. In the elastic range, the effect of
including this deformation in the stiffness calculations of Table 36
is to reduce the connection stiffness approximately two percent
below the theoretical value in the table. This illustrates the
minor contribution of shear deformation of web connections to
connection stiffness .
Such is not the case for flange moment connections as
reported in Ref. 11. There the panel zone deformation was signifi-
cant enough to merit its inclusion in connection stiffness calcula-
tions. The reason for the difference between the two types of
connections is the large difference in panel zone shear area for
the two types. For flange connections, the column web area alone
is effective in resisting the panel zone shear. This is in contrast
to the web connection where the much larger total area of the two
flanges is effective. For this reason, the panel zone shear defor-
mation and its effect on connection stiffness can be safely ignored
for web connections •
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5.9 Stress Distributions
Much of the discussion in Chapters 2 and 3 centered on
the stress distributions in the beam flange and adjacent flange
connection plate region. Such distributions are helpful in deter-
mining stress concentration regions and the general passage that the
beam moment induced flange plate stresses take in entering the
column. As a means of verifying some of the general trends observed
in the theoretical studies, several plots of stress distributions
from the four assemblage tests are presented.
A major part of the discussions with respect to the stress
distributions in Type A web connections centered on the region
where the beam flange is welded to the flange connection plate at the
column flange tip or where, in the case of a bolted flange con-
nection, the flange connection plate is attached to the column
flange. These regions are critical in that they are points of
transitions in plate width or transitions from free edges on flange
plates to edges that have restraints. These distributions are
important from a fracture mechanics viewpoint in that stress con-
centrations present at these points in combination with other
factors could lead to premature failure due to fracture.
Shown in Fig. 118 is the strain (reflective of stress)
distribution across the flange plate at the column flange tip for
Connection 14-3. Although distributions like that in Fig. 118 are
often reterred to as stress distributions, they are more properly
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referred to as strain distributions because once the material
yields, the stress does not increase until strain hardening com~
mences. However, throughout the entire process of loading a
structure, the strain is rapidly increasing and tending to increase
the size of any initial flaw present in the material.
The strains in the. five linear gages show the large non-
uniformity across the width of the plate. The gages measure the
strain due to the axial force in the flange connection plate due to
the beam bending moment as well as a small amount of local bending
of the plate. The outermost gages show high strains reflective
of the desire of the stress in the flange connection plate to
migrate to the higher stiffness of the adjacent column flange. These
non-uniform patterns confirm the many similar patterns observed in
the finite element analysis of Type B web connections discussed
in Chapter 2. The outermost gages measure strains at points
3.81 cm (1.5 in) from the edge of the beam flange. Had strains
been measured at the edge of the plate, they would have shown values
very much hlgher than those plotted, indicating a severely non-
uniform strain distribution. The non-uniform distribution shown in
Fig. 118 is typical of the distributions for all three Type A web
connections tested.
The strain distributions across the beam flange of Type B
web connections where the flange is attached to the column web are
also very important. Such a distribution for Connection 14-2 is
shown in Fig. 119. This distribution is typical of the Type B
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connection distributions observed in the theoretical study pre-
sented in Chapter 3. These distributions have an influence not only
on the possibility of fracture at the weld between the flange and
column web, but also on the tendency for the beam flange to want
to punch a hole in the column web. The latter is especially true
for relatively thin column webs with respect to. beam flange thick-
ness. Here again, had the strain been measured at the beam flange
edge, a very large strain concentration compared with the nominal
Mc/IE strain would be in evidence.
With regard to the subject of normal stress distributions·
in the flange plate region adjacent to the column web, a word should
be said with regard to such distributions as observed in testing of
the Type A connections. The theoretical analysis of Type A web
connections established that only approximately 5 percent of the
total beam flange force entered the very flexible column web. Yet,
observations of strain made via linear gages in the flange con-
nection plate adjacent to the column web showed significantly
higher strains than would be caused by such a small percentage of
the total force. It will be shown later that the 5 percent figure
is accurate based upon measurements of the shear distribution along
the flange connection plate to column flange weld.
In view of this fact, the only plausible explanation of the
significant strains generated in the flange plate at the column web
has to do with the distortion of the column cross-section. Shown
in Fig. 120 is a plot of the normal strain perpendicular to the
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column flange in the flange connection plate versus beam shear
load. As would be expected, the strain in the gage farthest from
the column web shows the highest reading. The relationship for
each gage is linear up to the point where the material yields in
shear, at which there is a distinct break in the slope.
The strain in the material as reflected by these gages
was caused primarily by Poisson's effect induced by the tensile
(or compression) force in the beam flange and flange connection
plate. The applied tensile force, here considering the region of
the beam tension flange, together with the restraint offered by
the column flange induced these lateral tensile strains, similar
to those observed in the theoretical analysis. The effect of these
lateral tensile stresses then was to want to pull the stiff column
flanges together. This, in turn, distorted the entire column cross-
section around the flange connection plate with the column web
wanting to bow away from the flange connection plate due to the
continuity of angle which is maintained at the column web-flange
junction. This bowing away of the column web thereby induced the
observed tensile stresses in the flange connection plate at the
column web above those values which would be generated by 5 percent
of the flange force. The reasoning pertains to load levels below
those which would cause shear yielding along the flange connection
plate to column flange weld. Beyond that load level the strains
in the flange connection plate at the column web would increase
substantially because that area would then be called upon to resist
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more than 5 percent of the flange force. It is also possible that
some of the strain measured and shown in Fig. 120 along th~ column
flange is caused by out-of-p1ane bending of the flange connection
plate.
Another important stress distribution to examine to verify
the correctness of the conclusions made from the theoretical analysis
is the shear stress pattern along the flange connection plate to
column flange weld of the Type A connections. Such a distribution
is presented in Fig. 121 for Connection 14-4. The shear stress was
computed via strains measured by two strain gage rosettes. Since
only two strain rosettes were located at each weld, the exact distri-
bution between the rosettes was unknown, but for purposes of plot-
ting, the points were connected by straight lines. Rosettes
placed on the flange plate adjacent to the opposite column flange
showed nearly identical results. Rosette 5 reflects yielding of
the flange plate in shear at a beam load between 446.1 kN (100 kips)
and 557.6 kN (125 kips) while the material at Rosette 6 is still
elastic at 669.2 kN (150 kips) with the shear stress in that gage
showing fairly even increments for even increments in beam load.
The pattern of the distribution is very close to that shown
in Chapter 2. The gage closest to the column flange tip shows the
highest shear stress because the beam flange force wishes to get
to the stiff column flange as quickly as possible. Also in Chapter
2 it was shown that for wide beam flanges, the ratio of the shear
stress adjacent to the column flange tip to that close to the
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column web is higher than for connections with narrower beam
flanges. This was confirmed by the fact that the lines connecting
the stresses in the two rosettes had a higher slope at different
load levels for 14-3 than they did for Connection 14-4.
The magnitudes of the stresses also confirm the validity
of the stress distribution in the flange plate as observed in the
finite element analysis. In that study of Type A web connections
without stiffening, it was shown that approximately 95 percent of
the force in the beam flange enters the column via the weld between
the flange plate and column flange for Type A web connections with-
out stiffening. For Connection 14-4, assuming a beam end load of
446.1 kN (100 kips), the computed average shear stress along the
weld in question assuming 95 percent of the force passes through
. 2
this weld is 146.6 MN/m (21.2 ksi). The average of the two shear
2
stresses in Fig. 121 at V = 446.1 kN (100 kips) is 152.1 MN/m
(22 ksi). This is extremely close agreement considering that 95
percent is an average value for Type A connections with values
actually observed between 90 and 97 percent in Chapter 2. Also the
crude use of a straight line connecting the two plotted shear
stress values is only an approximation based on the lack of more
data points.
<
Thus from the theoretical investigation and confirmation
by test results, it can be safely assumed that a large portion
(between 90 and 97 percent) of the flange force enters the column
via the flange for Type A web connections without column stiffening
and this distribution must be so accounted for in design.
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The final stress distribution to be examined is that of
the stress in the column web on the opposite face from where the
beam tension flange or f1ange,connection plate is connected. Such
a plot comparing strains measured at the same location for the
four assemblage tests is shown in Fig. 122. The strain gage was
placed horizontally in the center of the column web depth and
measurement of the strain in this gage is reflective of the deforma-
tion that the column web undergoes. Some of the strain is due
directly to the force of the beam tension flange while a small con-
tribution is due to the distortion of the column cross-section.
The strain is plotted versus a somewhat fictitious force value
\
which is equal to the moment in the beam at the column web divided
by the beam depth. This is fictitious because in Type A web con-
nections, the column web never exPeriences this force because most
of the force has entered the column via the column flange.
The important thing to note is not the magnitude of the
strains but the difference in the curves for the different con-
nections. The three Type A web connections all exhibit a' fairly
similar load-strain curve. Connection 14-3 exhibits the steepest
slope of the three. This is probably due to the flange plate being
the full depth of the column permitting more of the flange force
to enter the column sooner at the column flange tip and the fact
that the flange plate is slightly larger (thicker) than for the
other two connections. This permits less distortion of the
column cross-section.
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As would be expected, Connection 14-2 exhibits the flatest
curve of all the connections. This is because for this Type B
connection, the entire beam flange force is working to deform the
web. The magnitude of the strain again reflects the large web
deflection as reported earlier. The non-linearity of the curve is
not necessarily due to yielding of the material at the gage but
more likely is due to the yielding of the column web at the beam
flange tips where there is a high stress concentration. This per-
mits the web to become more flexible.
5.10 Column Cross-Section Distortions
In the previous section, it was suggested that the cause
of some of the stresses at various locations was due to the
secondary effect of the distortion of the column cross-section. In
view of the stiffening effects of Type A web connections, by the
flange connection plate being attached to the column web and flanges,
the possibility of such distortion would appear highly unlikely.
However, based on the testing results, there was enough movement
of the column flanges on the opposite side of the column web from
the beam flange to be measurable. Naturally, the magnitude of this
out-of-plane deflection of the column flange was much more for'
Type B connections due to the lack of any column cross-section
stiffening.
Shown in Fig. 123 is the column flange movement opposite
the tension and compression beam flange for Connection 14-2. The
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movement is plotted versus the average force in the beam flange at
the column web, which is essentially the force causing the column
distortion. The magnitudes of the deflections are large considering
the large thickness (4.57 cm (1.80 in» of the column flange. For a
comparison of these Type B web connection distortions, Connections
14-1 and 14-4 show column flange tip movements of about .25 rom
(.01 in) at the flange force of 1338.3 kN (300 kips) compared to
the average value of 2.54 rom (.10 in) for Connection 14-2. The
deflection of Connection 14-2 was large enough to be visible to the
naked eye. The difference between the performance of the Type A
and Type B web connections was caused by the stiffening of the flange
connection plate for Type A connections.
The importance of this column flange and web out-of-p1ane
motion particularly for Type B connections is obvious. Columns with
thinner column flanges subjected to relatively the same beam loads
would experience even greater distortions. This out-of-p1ane
motion combined with the presence of a large column axial load could
possibly cause local buckling of the column flange, a phenomenon
which could have catastrophic consequences.
5.11 Beam Cope Hole Deformation
Stresses are introduced in web connections by way of the
fabrication process. One such fabrication procedure which, in com-
bination with applied beam loading, increases deformation and
stresses for Type A connections in the beam flange is the beam web
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cope hole. In the process of :making the transverse full penetra-
tion groove weld joining the beam flange and the flange connection
plate, a backup bar must be placed under the weld region completely
across the beam flange to provide a base for deposition of the weld.
This necessitates an open space under the flange in the web as
shown in Fig. 40. These innocent looking holes not only interfere
with the bending stress distribution but more importantly with the
shear stress distribution and shear flow in the beam web. The
shear stress distribution in the beam web, instead of being nearly
uniform as for a wide flange beam is more parabolic as is the case
for a rectangular beam. This lack of continuity causes an increased
beam shearing deformation across the hole. This deflection, or
kink, causes increased local bending in the beam flange. Such an
increased bending stress was observed in the theoretical study of
Chapter 2.
Shown in Fig. 124 is a photo of Connection 14-1 illustra-
ting the beam flange deformation above the beam web cope hole.
This deformation was compounded by the beam shear bolts slipping
into bearing contributing 1.60 mm (1/16 in) .to the kink deformation.
This contribution would not· be present in a connection which had a
welded web.
The stresses induced in the relatively thin beam flange
may be severe, but also important is the fact that they occur
where other severe concentrations are present due to the transition
of the beam flange to the flange connection plate as well as
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residual stresses induced by the application of the full penetration
weld. This additional bending-produced stress accounts for the fact
that the stress distribution measured across the beam flange when
averaged" always is greater than what the nominal MclI stress would
be.
5.12 Fracture Failures
The concluding section of this chapter deals with a
further discussion of the fracture failure of the web connections.
The fact that two of the three Type A web connections
failed by fracture is not characteristic only of this study. Some
of the web connections described in Ref. 40 which were tested under
cyclic loading exhibited the same type of failures. This failure
was a tearing across the beam flange or flange connection plate
in the region of the column flange tip.
Chapter 2 points out the factors involved in the behavior
and fracture possibilities of Type A web connections. The primary
contributing factor appears to be the large stress concentration
at the transition from the beam flange to the flange connection
plate. This was proven by the stress concentrations observed in the
linear gages across the beam flange. Further evidence of the stress
concentration follows from the fact that the diagonal gage of
rosettes gages placed at location 5 in Fig. 121 always showed con-
siderably high strain. In fact, for Connection 14-1, the fracture
in the plane of the beam flange had the shape of an arc which was
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nearly perpendicular to the direction of this high strain. A
similar slight arc of the fracture surface also occurred on Con-
nection 14-3. Figure 125 shows this fracture and its orientation
to the rosette. It can also be seen in this figure that the crack
initiated at the base of the fillet weld which was used to weld the
flange plate to the column flange and then wrapped around the flange
plate at the column flange tip. These weld terminations are
notorious as sources of flaws from which cracks can propogate.
Tests of the material in which the fractures occurred indicated that
the steel material and welds were of normal quality with the plate
material exhibiting sufficient toughness. The conclusion of the
fracture investigation (Ref. 42) was that the fractures occurred
due to a high concentration of strain in the detail leading to a
predominately brittle fracture.
Although Connection 14-4 did not fracture, the connection
was apparently very close to doing so. Shown in Fig. 126 is a view
of the transition region between the flange and flange connection
plate. Visible in the photo is a vertical crack extending over
about one-half of the thickness of the beam flange. This crack
became visible in the later stages of testing and grew as the
loading continued but never got to a critical size before other
events in the testing led to unloading of the connection.
No quantitative assessment can be made as to why Connection
14-1 failed by fracture and why its fully welded counterpart,
Connection 14-4, did not. However, several items are suspected as
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contributing. First, as pointed out in this chapter, the bolted
web of 14-1 allowed some vertical slip of the beam relative to the
flange connection plate which produced a kink in the beam flange.
This kink added additional secondary stresses to the beam flange
to further drive any flaw that was present toa larger size. Also,
the bolting of the web in 14-1 which has 1.60 rom (1/16 in) over-
size holes dictated that all of the bending stress from the beam
bending moment be taken by the beam flanges until the bolts went
into bearing laterally. However, for Connection 14-4 with the
fully welded web, the web was transferring some of the bending
stress thus imposing less stress upon the already critically
stressed flange transition region.
The mode of failure of Connection 14-2 was predictable,
especially when considering the observations made in Chapter 3. The
pulling by a large flange force upon ~:relatively thin web could
only lead inevitably to a yield line mechanism in the column web or
shear punch failure of the column web due to large stress concen-
trations at the beam flange tip. For Connection 14-2 the latter
was to be expected because of the relatively wide beam flange to
column web depth ratio. Although the failure of this Type B web
connection was not completely a shear punch failure, it was the
primary contribution to the failure. Shear punch failure occurred
initially which caused redistribution of stress which then led to
fracture of the flange to column web weld.
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Using the theory arrived at in Chapter 3 for shear punch
failure, a comparison can be made with the experimental results of
Connection 14-2. First from Chapter 3 with an ex value of .79 for
the connection, the ratio of the effective width to beam flange width'
is approximately 0.135. However, the full penetration weld con-
necting the beam flange to the column web was wrapped around the
edges of the flange as shown in Fig. 110 effectively making the
beam flanges slightly wider. This would dictate using a slightly
higher effective width. However, because the effect of this weld
cannot be accurately determined, the factor 0.135 will be used in
combination with the nominal beam flange width. Employing this
factor and utilizing the actual column web yield stress, the allow-
able beam flange force on the column web based, on 'shear yielding
was 809.2 kN (181.4 kips). This translates into a beam end shear
load of 441.6 kN (99 kips).
Although the ultimate stress of the web material was not
observed, information correlating yield and ultimate stress for
Tensile coupons from other material in this testing program would
place the ultimate stress at about 532.5 MN/m2 (77 ksi). Using this
value, the beam shear load to cause ultimate shear punch failure is
695.9 kN (156 kips). The actual load at which a loud band was
heard and the tension flange shear punch failure was observed was
847.6 kN (190 kips). Thus the predicted value is 82 percent of the
actual ultimate. Some of the difference can be explained by the
fact that with the weld placed as it was, the effective width of
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the beam flange should have been slightly higher. Also there are
questions regarding the use of .tensile yield and ultimate stresses
from tensile coupons loaded in the plane of the web and applying
them to material properties perpendicular to the web. These, plus
other .factors·, make the prediction of shear punch failure loads
very difficult. In light of the factors, the comparison shown here
between theoretical and ultimate beam shear punch loads appear
even closer than the calculated 18 percent separation .
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6. CONCLUSIONS AND DESIGN RECOMMENDATIONS
6.1 Introduction
The dissertation has presented the results of an elastic
analysis of steel beam-to-column web moment connections. The con-
nection is one where the beam is attached only on one side of the
column with the beam bending moment tending to bend the column
. about its weak axis.
The basic approach taken was to analyze various configura-
tions of web connections using as a tool the finite element
analysis techniques. The connections were evaluated from the
standpoint of stress distributions, stress concentrations, and
stiffness of connection components and total connection stiffness.
Using the information gleaned from the finite element analysis,
theories by which certain of the phenomena could be predicted by a
strength-of-materials type of approach were discussed.
The impetus for the dissertation was the'vast lack of
knowledge of web connection behavior and the resulting lack of
information for the proper design of web connection details.
Therefore, in addition to a discussion of web connections from an
analysis viewpoint, the conclusions drawn therefrom are transformed
into design recommendations to provide a practical utilization
of the information obtained •
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The following sections will discuss, for Type A and then
Type B web connections, the major conclusions which may be drawn
. '
from the analysis. This is followed for each connection by some
brief design recommendations.
6.2 Type A Connection Conclusions
From the results of this work, the following conclusions
can be drawn:
.
L For the connections studied, the stress concentrations
I
in the flange connection plate at the transition with the beam
flange ranged from 2.6 to 5.5 times the MclI stress with the
lowest values being for connections with column stiffening followed
by the case of no stiffening with the highest values being for the
case of no weld between the column web and flange connection'plate.
The distributions are due to shear lag in the flange plate.
2. Stress concentrations increase as the ratio of beam
flange width to depth between column flanges (a) increases. There
is not much difference in stress concentrations for the case of
no weld to the column web and the case of welding without column
stiffeners.
3. Increasing the column stiffener thickness reduces the
magnitude of stress concentrations in the flange connection plate.
4. Extending the flange connection plate past the
column flange tip causes up to a 10 percent reduction in the
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computed stress concentration for connections with large a. There
is negligible reduction for connections with a less than about 0.6.
The extension reduces the stress concentration the most for con-
nections which have a weld between the flange plate and column web.
5. The largest and most beneficial contribution of··
extending the flange connection plate is a reduction of the stress
concentrations in the connection plate at the plane of the column
flange tips. With wide beam flanges where a is near 0.8, the stress
concentration in the flange plate at the column flange tip is
about 0.8 .of the value for the case with no extension. For smaller
a values the reduction is much greater, with the new stress con-
centration factor being about 25 percent of the previous value for
a connection with an a value of 0.52.
6. Relatively speaking~ the shear stress distribution in
the flange connection plate along the attachment to the column flange
is highest for the case of no weld of the flange connection plate
to the column web followed by the case of no stiffener and then
the case of a column stiffener present.
7. For the case of no weld between the flange connection
plate and the column web (Case 3) 100 percent of the flange
connection plate force goes directly to the column flange. For
welding of the flange plate to both the column web and flanges
(Case 2), from 89 to 97 percent of the flange force enters the colUmn
flange. For Case 2 plus the addition ofa stiffener opposite the
column web from the flange connection plate (Case 1), 55 to 75
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percent of the beam flange force enters the column flange directly
from the flange connection plate.
8. The shear stress distribution peak along the column
flange-flange connection plate boundary varies from the column flange
tip to the column web as a decreases.
9. Extending the flange plate does not significantly
reduce the peak shear stress"in the flange plate, but it levels out
the distribution by attracting more of the beam flange force.
10. Extending the flange plate will increase the amount
of beam flange force entering the column flange via shear along
the 'flange connection plate-column flange weld, more for con~
nections with smaller a values than for those with larger a values.
11. An increase in column stiffener thickness will
reduce the amount of beam flange force from the flange connection
plate entering the column flange as shear.
12. The normal stress on the weld interface between
the flange connection plate and column web concentrates nearer
1
the column web mid-depth for connections with small 2i(,. values.
13. Connections with larger a values tend to cause higher
normal stresses in the flange plate at the column web-flange
junction than at the column web middepth.
14. An increase in colUmn stiffener thickness tends to
uniformly increase the amount of beam flange force going to the
column'web.
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15. Large bending moments are developed in the flange
connection plate about an axis parallel to the column web at the
location where the beam flange joins the flange connection plate.
16. Extending the flange connection plate beyond the end
of the column flange reduces this peak moment and moves it to the
end of the extended plate.
17. Moments about an axis parallel to the beam web are
developed in the beam flange where it joins the flange connection
plate. For connections with large a values, this moment reverses
sign when going from the beam web to the beam flange tip. For small
values, this moment. does not reverse sign.
18. A moment about an axis parallel to the beam web is
developed along the flange connection plate-column flange fillet
weld. The moment has a peak at the column flange tip decreasing
to zero at the column web. Case 3 shows the largest moment due to
the lack of restraint of the flange connection plate along the
column web.
19. Flange connection plate in-plane stresses perpendicular
to the column flange along the flange connection plate-column flange
boundary are produced. This stress is produced by the Poisson's
effect of the beam flange force together with the large rigidity of
the column flange. A contributing factor to this stress is also
the transverse component of the beam flange force as it attempts
to enter the column flange. The peak in-plane stress is a short
distance from the column flange tiPA
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20. The shear stress along the weld between the web con-
nection plate and the flange connection plate is slightly above
nominal on both sides of the cope hole and then drops off as the
column web is approached. This horizontal shear stress does not
appear to be increased by effects of beam load eccentricity.
21. The vertical shear stress along the fillet weld .
joining the web connection plate to the column web is below the
nominal value calculated based on the b~am shear load. This is
because some of the web shear stress is transferred to the flange
connection plate as transverse shear. The vertical web plate
shear stress is greatest for Case 3 web connections. due to the
more flexible flange connection plate attracting less stress than
the more rigid plate of Cases 1 and 2.
22. The elastic stiffness of beam and column assemblages
comprised of Type A web connections can be accurately computed. The
four components are beam shear deflection, beam bending deflection,
column-beam joint rotation and column web out-of-p1ane deflection.
The four components can be computed from a basic strength-of-
materials approach.
23. The column web deflection can be calculated by assuming
the flange connection plate (Cases 2 and 3) or stiffener (Case 1)
to act as a deep fixed ended beam acted upon by the beam flange
force producing two components of deflection: bending and shear.
The procedure slightly underpredicts the column web deflection for
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connections with small a values and slightly overpredicts the
deflection for connections with large a values.
24. Extending the flange connection plate reduces column
web deflection, not because of additional stiffness, but because
it allows more beam flange force to get to the column flange quicker
with less force then available to deform the flange connection
plate or column stiffener.
25. The use of a beam web cope hole introduces large
beam flange bending moments adjacent to the hole. It produces a
peaking of the shear stress along the beam flange-web interface
adjacent to the holes. It also causes a decrease in resistance to
shearing deformation because the beam web acts more like a rec-
tangular beam with a parabolic shear stress distribution than the
web of a wide flange shape with a nearly uniform shear stress
distribution.
26. The connection panel zone shear deformation of the
column is negligible for web connections due to the orientation
of components with large shear resistance in the direction of the
shearing force.
27. Type A web connections are susceptible to brittle
fracture failure due to the presence of high strain concentrations
caused by the transition of the beam flange to the flange con-
nection plate and the large variation in flange connection plate
stiffness due to the presence of the high stiffness of the adjacent
column flange (shear lag) .
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28. The fracture failures of connection specimens occurred
in the plastic loading portion of each load-deflection curve but the
failures occurred while the connection beam load was still in-
creasing'. The connection ductility values of these failed con-
nections were lower than ductility values observed in column
flange connections. Ductility values of greater than 9 were shown
for three flange connections reported in Ref. 16. These are in
contrast to the ductility values of less than 3 for Connections 14-1
and 14-3 reported in this study.
29. Very large strain concentrations exist at the
transition between beam flange and flange connection plate.
These concentrations can cause early inelastic behavior and possible
exhaustion of ductility before redistribution averages out the
stresses across the entire plate.
30. Due to the constraints imposed upon the flange
connection plate due to the loading and the high stiffness of the
column flange, the plate may exhibit more of a plane strain rather
than plane stress behavior which decreases material toughness.
31. Extending the flange plate beyond the column flange
tip reduces fracture susceptibility because stress concentrations
are reduced, nominal Mc/I stress is usually lower, and the material
toughness will approach the plane stress value due to less restraint
from the column flange.
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6.3 Design Recommendations for Type A Web Connections
Based upon the conclusions of the preceding section,
several design recommendations can be made. These recommendations
are not rigorous in the form of equations but they are general
philosophies which will lead to a better design for web connections
from the viewpoint of stress, stiffness and fracture considerations.
1. Web connections with the flange connection plate
welded to the column web in the absence of column stiffening (Case 2)
offer no significant advantages over the web connection with no
flange connection plate to column web weld (Case 3).
2. The entire web connection assemblage stiffness may be
predicted using the equations provided. For reasons of stiffness,
stress distribution and stress concentration, it is recommended that
Case 1 web connections (column stiffening present) be used rather
than Case 2 and Case 3, unless the anticipated beam moment loading
is very small. For Case 1 connections, varying amounts of column
web stiffness may be obtained by varying the stiffener thickness
in addition to sizing the stiffener for the amount of beam flange
stress it receives.
3. The thickness of the flange plate and the
size of the fillet weld between the flange connectiQn plate and the
column flange must be designed with adequate consideration of the
shear force along this interface. For Case 3 connections, 100
percent of the beam flange force enters the column along this weld
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compared to 90 to 100 percent for Case 2 and 50 to 70 percent
for Case 1 depending on stiffener thickness and a ratio.
4. Column stiffeners welded to the two column flanges and
column web are designed for the amount of beam flange force not
attracted to the column flanges adjacent to the flange connection
plate. The column web alone can be considered to have a very small
stiffness to transverse loading (depending upon web thickness)
allowing the beam flange force not attracted to the column flanges
to pass through the column web to the stiffener. The welds between
the column web and stiffener and the web and flange connection plate
must be designed for this load. The force in the stiffener then
enters the column via the welds along the stiffener-column flange
interface which must be designed accordingly.,
5. The use of Case 1 connections reduces the flange con-
nection plate stress concentrations over Case 2 and Case 3•. This
is because less force enters the column flange and thereby causes
less non-uniformity of the stress distribution in the flange con-
nection plate.
6. Extending the flange connection plate beyond the edge
of the column flange tip in the direction of the beam axis and/or
the use of some sort of gradual transition between the beam flange
edge and the flange connection plate will reduce only slightly the
flange plate stress concentrations. The largest contributor to these
concentrations, namely the shear lag effect, will not be lessened by
such transitions.
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7. To reduce fracture susceptibility, it is recommended
that the weld joining the beam flange and the flange connection
plate be made slightly outboard of the column flange tips by
extending the flange connection plate. Also the previously outlined.
procedures for reducing stress concentrations should be observed.
8. The beam web cope holes should be made as small as
possible to reduce beam web shear stress concentrations and to avoid
generating localized beam flange bending moments.
9. The vertical weld joining the web connection plate to
the column web may conservatively be designed by assuming the shear
stress produced by the beam she~r load to be uniformly distributed
over the entire beam web •
10. The horizontal weld joining the web connection plate
and the flange connection plate may be designed assuming the flange
plate and web plate to form a beam and then calculating the horizon-
tal shear stress at the web-flange interface using the entire beam
shear load.
6.4 Type B Connection Conclusions
Based on the study of web connections where the beam flange
is attached only to the column web, the following conclusions can
be drawn:
1. For a Type B web connection, the four components of
assemblage deformation are: beam-column joint rotation, beam
bending, beam shear deformation, and column web deformation.
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2. For one theoretical study" the column web deformation
contribution to total assemblage deformation varied from 28 to 95
percent for the case of no column stiffening to 14 to 32 percent
for column stiffening present.
3. There are two components of column web deformation:
the shear and bending deformation of the column web and the rotation
of the column web-flange junction. For connections with stiffening,
the contribution of the second factor is negligible •
. 4. The procedure described herein for computing the column
web deflection overpredicts the deflection for thick-webbed columns
and underpredicts the deflection for thin-webbed columns, providing
good agreement with finite element results for columns with web
thicknesses in the normal range of 'structural shapes.
5. For Type B web connections without stiffening, as the
tension flange width increases for a constant column web thickness
and constant flange plate force, the deflection of the column web
decreases.
6. The stress in the beam flange where it joins the
column web is highly non-uniform, the non-uniformity being caused
by deformation of the column web as well as in-plane shear defor-
mation of the beam flange (shear lag).
7. The stress concentrations in the beam flange at the
column web for connections with the same a value and with no
stiffening are greater for a column having a smaller web thickness .
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For columns with the same web thickness, the stress concentration
"
is greater for connections with large a values.
8. For the case of no stiffening, the stress concentrations
appear to vary more for changes in web thickness than for changes
in a. The opposite appears to be true for the case of column stif-
fening where the stress concentration is more a function of a.
9. For column stiffening present, the stress concentration
increases with decreasing web thickness, regardless of G:a. For con-
stant web thickness! the stress concentrations continue to increase
with increasing a.
10. A more drastic change in the stress distribution in
the beam flange is made by adding a stiffener to a thin-webbed
column than by adding a stiffener to a thick-webbed column.
11. For constant column web thickness, the effective width
ratio decreases as a increases. The only exception is for very
thick webs where the effective width ratio increases as a goes from
0.75 to 0.92.
12. For constant a, the effective width ratio increases
as column web thickness increases.
13. The column web shear punch problem can be alleviated
by using a column stiffener or'by having a thick column web.
14. Connections with no stiffening! thick column webs and
large 0 values have their largest column web moment at the column
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web-flange junction. For connections with small a values and thin
webs,the largest web moment is at the edge of the beam flange plate.
15. The maximum M . column web moment is always at the edgey
of the beam flange. A narrow beam flange produces more M momenty
for the same applied force than does a wide plate.
16. Shear punch controls the design of the column web for
connections with wide flange plates. As the column web gets thicker,
and consequently stiffer, shear punch controls for proportionally
smaller a values.
17. The column web yield line mechanism as proposed by some
researchers appears not to be valid. The theory says nothing about
the column web shear punch possibility. Also, the bending mechanism,
if any appears to be localized about each beam flange.
18. The addition of column stiffening reduces column web
deflections and beam flange stress concentrations allowing the stif-
fener to serve as both a stress and stiffness control mechanism.
19. Thick column webs level out the stress distribution
in the beam flange and pick up some of the beam flange stress and
transfer it to the column flange before it can go into the
stiffener. As the column web gets thinner, more and more beam
flange force goes directly to the column stiffener.
20. The maximum reduction in stress from the beam flange
side to the stiffener side of the column web occurs for thick-webbed
columns or connections with wide beam flanges .
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21. The amount of beam flange force entering the stif-
fener versus the column web thickness has been determined. The
amount of force entering the stiffener does not vary significantly
for even large changes in stiffener thickness. The amount of force
is more a function of column web thickness thana.
22. The shear stress along the interface of the stiffener
and the column web produces a principal stress greater than the
nominal axial stress transferred along this boundary.
23. The shear stress distribution along the stiffener-
column flange boundary is symmetrically parabolic for connections
with small a values and skew parabolic for large a connections.
24. Distribution of normal stress in the beam web at the
column web connection is non-linear due to the flexibility of the
column web. The use of column stiffening or columns with thick
column webs makes the beam web distribution approach Mc/I.
6.5 Design Recommendations for TypeB Web Connections
From the conclusions presented in the preceding section,
several design recommendations in the form of practical guidelines
can be made for the design of Type B web connections:
1. The use of Type B web connections without stiffening
should be avoided unless beam moments are very small and lack of
connection stiffness is of no concern.
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2. The use of column stiffening with Type B web con-
nections should be considered mandatory from the point of view
of provi~ing adequate connection stiffness, reducing beam flange
~
stress concentrations, and reducing column web bending moments.
3. The column stiffener should be designed from a stress
standpoint for the larger of the following two stresses: the 1n-
plane stress in the stiffener at the stiffener-column web interface
given in Chapter 3 as a' function of column web thickness, applied
beam stress, and column web thickness (incr~ased to a higher
principal stress value by the in-plane stiffener shear opposite the
beam flange edge), or the shear stress along the stiffener-column
flange boundary .
4. From a stiffness standpoint, to control the column web
out-of-plane motion, the stiffener should be designed according to
the theory described in Chapter 3.
5. The yield line mechanism technique for predicting allow-
able load on the column web of an unstiffened web connection should
be employed with caution in that there is no experimental justifi-
cation for the yield line mechanism chosen.
6. The shear punch load on the column web produced by the
beam flange must be considered as a limit to the maximum strength
of Type B web connections without column stiffening.
7. The use of column stiffening is also' recommended as a
means of stiffening the,~olumn web so that the bending stress in the
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beam web where it is attached to the column web resumes the normal
MclI pattern.
6.6 Future Research
In the course of the research described in this dissertation,
several items of interest arose, which were outside the scope or
outline of the dissertation, but which deserve future investigation
to better understand web connection behavior. Some of these topics
are listed below:
1. Further study of the column web bending behavior from
the standpoint of stress and deformation of Type B web connections
without stiffening .
2. Study of the ultimate strength of Type B connections
without stiffening with emphasis on yield line mechanism and shear
punch limits to strength.
3. Investigation on the topic of the influence of the type
of weld or weld intensity with regard to shear punch failure for
Type B connections.
4. The effect on web connection behavior of various modes
of connecting the beam web.to the column web.
5. Investigation of the column web doubler plate and its
effect as a column web stiffening element.
6. For Type B web connections without stiffening, further
investigation of how to predict the contribution to deflection of
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the rotation of the column flanges. Also, of related importance
is knowledge of limits to certain parameters which would indicate
the possibility of local buckling of these column flanges when
sustaining large out-of-plane movements.
7. A study of the type and length of transition between the
beam flange and the flange connection plate for Type A web connec-
tions to minimize stress concentrations •
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TABLE 1
CONNECTION BEAM AND COLUMN SIZES
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• TABLE 3
PEAK STRESSE§. AND STRESS CONCENTRATIONS
FOR BEAM FLANGE AT TRANSITION
TO FLANGE CONNECTION PLATE
Connection Case Nominal Peak Stress
Stress Stress Concentration
(MNlni2) (MNlnh
1 164.8 594.7 3.61
1 2 164.8 712.2 4.32
3 164.8 760.6 4.61
1 163.0 573.9 3.52
2 2 163.0 688.0 4.22
3 163.0 726.1 4.45
1 128.9 542.8 4.21
•
3 2 128.9 681.1 5.28
3 128.9 705.3 5.47
1 164.3 615.4. 3.75
4 2 164.3 677.7 4.12
3 164.3 712.2 4.33
r 134.4 387.2 2.88
5 2 134.4 442.6 3.29
3 134.4· 463.3 3.45
1 153.9 442.6 2.88
6 2 153.9 546.3 3.55
3 153.9 572.6 3.72
1 153.1 401.1 2.62
7 2 153.1. 459.2 3.00
3 153.1 467.5 3.05
1Ksi 0;: 6.915 MN/m2
\
II
•
-210-
•
TABLE 4
STRESS CONCENTRATION IN BEAM FLANGE
WHERE IT JOINS THE FLANGE CONNECTION PLATE
•
Connection
2
5
7
Stress Cone. (1) Stress· Cone. (2)Case W/o Pl. Extended W/Pl. Ext. (2) (1)
1 3.52 3.24 .92
2 4.22 3.76 .89
3 4.45 3.91 .88
1 2.88 2.85 .99
2 3.29 3.27 .99
3 3.45 3.42 .99
1 2.62 2.59 .99
2 3.00 i'.93 .98
3 3.05 3.02 .99
*Nominal Values of Beam Flange Stress
At End of Plate Extended:
Connection
2
5
7
1 ksi
2Stress (MN/m )
148.2
112.7
119.1
= 6.915 MN/m2
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TABLE 5
STRESS CONCENTRATIONS MEASURED AT LONGITUDINAL
BEAM LOCATION OF COLUMN FLANGE TIP
wi Extension (1) W/Extension(2)
(2)
Connection Case 0 (1)
1 3.52 2.71 .77
2 2 4.22 3.33 .79
3 4.45 3.65 .82
• 5.
1
2
3
2.88
3.29
3.45
.49
.83
.92
.17*
.25
.27
•
(1) Calculated at beam flange tip where beam flange joins
flange connection plate and where flange connection
plate stops even with the column flange tip.
(2) Calculated in the flange connection plate
extended at the column flange tip.
*Value calculated is at column flange tip but stress
across beam flange cross section at the location is
slightly higher for this case where the beam flange
tip would theoretically intersect this cross section .
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TABLE 7
PERCENTAGE OF FLANGE FORCE ENTERING COLUMN AS SHEAR
FOR NORMAL AND EXTENDED FLANGE PLATES
Flange Force Carried (2) x 100
Connection Case Force (1) As Shear (2) TIT
(kN) (kN)
1 297.5 61.6
5 (No Ext.) 2 483.1 466.2 96.5
3 483.1 100.0
1 318.1 65.8
5 (Ext.) 2 483.1 473.8 98.1
3 483.1 100.0
• 1 490.7 66.72 (No EXt.) 2 736.1 657.6 89.3
3 736.1 100.0
1 502.8 68.3
2 (EXt.) 2 736.1 651.3 88.5
3 736.1 100.0
1 kip = 4.461 kN
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TABLE 9
COLUMN WEB DEFLECTIONS (mm)
•
1 in . = 25.4 mm
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TABLE 10
COMPUTED AND FINITEELEMENT·PRODUCED COLUMN
WEB DEFLECTIONS FOR CASE 3 CONNECTIONS (mm)
Connection. 0
°Wb 0 o . ?wtotws wto.t wfe o .
wfe
1 .• 224 .066 .290 .224 1.29
2 .211 .061 .272 .241 1.13
3 .203 .058 .262 .152 1.72
4 .246 .071 .318 .206 1.54
.'
5 .140 .041 .180 .208 .87
6 .160 .058 .218 .246 .89
7 .150 .135 .284 .325 .88
1 in. = 25.4 mm
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COMPUTED AND FINITE ELEMENT PRODUCED COLUMN
WEB DEFLECTIONS FOR CASE 2 CONNECTIONS (mm)
1 in. = 25.4 lInn•
Connection
1
2
3
4
5
6
7
o
comp
.267
.241
.249
.292
.175
.211
.274
.175
.216
.142·
.188
.188
.229
.300
1.52
1.12
1. 75
1.55
.93
.92
.92
•
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TABLE 13
COMPUTED AND FINITE ELEMENT PRODUCED
BEAM DEFLECTIONS FOR CASE 2 CONNECTIONS (nun)
Conne.ction ~¢ ~b ~ ~ * Total"~ F.E. ~ Total ~s w F.E. ~
--"
1 2.713 .564 2.052 .635 5.966 6.076 .98
2 3.612 .500 2.073 .892 7.076 7.003 1.01
3 3.612 .396 2.073 .592 6.673 6.378 1.04
4 2.751 .932 2.073 1.171 6.987 ? 7.625 .91
5 1.008 -.739 2.080 1.735 4.084 4.633 .88
• 6 5.133 _.424 2.159 1;814 8.682 8.832 .987 10.556 -3.40 2.250 2.723 12.126 10.777 1.12
* ~ values here are based on F. E. column web deflections.
w
lin. 25.4 nun
• -220-
••
TABLE 14
COMPUTED AND FINITE 'ELEMENT PRODUCED
BEAM DEFLECTIONS FORCASE1C0NNECTIONS (rom)
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TABLE 17
COMPARISON OF THEORETICAL AND FINITE ELEMENT
PRODUCED BEAM DEFLECTIONS FOR CASE 3 WEB CONNECTIONS (nun)
~ep +'\ +~s ~ ~ ~Connection ~ compw comp . FE ~FE
1 1.067 5.329 6.396 6.142 1.04
2 1.123 6.185 7.308 7.069 1.03
3 1.090 6.081 7.170 6.429 1.11
4 1.979 5.758 7.737 7.706 1.-00
5 1.664 2.350 4.013 4.745 .85
• 6 1.735 6.868 8.603 8.786 .98
7 2.586 9.403 11. 989 10.942 1.10
1 in. = 25.4 nun
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TABLE 18
BEAM DEFLECTION AND CONTRIBUTION OF COLUMN
WEB TO OVERALL DEFLECTION OF TYPEB CONNECTIONS
No Stiffener
Deflection b..Beam Due to Column W
Connection Deflection· (cm) l\leb. b.w (cm.) Beam Deflection
1 .882 .253 .287
2 1.350 .548 .406
4 1.321 .629 .476
5 2.798 2.329 .833
•
6 7.244 6.232 .860
·7 22.093 20.917 .947
Deflection b.Beam Due to Column w·
Connection Deflection(cm) Web, ~ (cm) Beam Deflection
1 .705 .102 .145
2 .819 .131 .160
4 .914 .183 .200
5 .700 .263 .375
6 1.067 .254 .238
7 1.396 .453 .324
1 in. :; 2.54 cm
• -225,..
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TABLE' 19· ,
COMPONENTS OF BEAM DEFLECTION FOR TYPE B CONNECTIONS (em)
No 'Stiffener
Connection ~ liB liS lI W Total
1 .271 .124 .243 .253 .892
2 .361 .123 .243 .548 1.275
4 .275 .202 .243 .629 1.350
5 .101 .074 .244 . 2.329 2.747
6 .513 .062 .243 6.232 7.051
7 1.056 -.259 .243 20.917 21.957
• 'Stiffener
Connection lief> liB liS lI W Total
1 .271 .124 .243 .102 .741
2 .361 .123 .243 .131 .858
4 .275 .202 .243 .183 .903
5 .101 .074 .244 .263 .680
6 .513 .062 .243 .254 1.072
7 1.056 -.259 .243 .453 1.492
1 in. = 2.54 em
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TABLE 20
Phase I Theoretical and Computed Beam Deflections (em)
No'Stiff.ener
Computed Computed
Connection F.E.Deflection . Deflection F.E •
1 .882 •893 1.01
2 1.350 1.275 .94
4 1.321 1.350 1.02
5 2.798 2.747 .98
6 7.245 7.051 .97
•
7 21. 956 21. 957 .99
Stifferter
.Computed
Connection F.E. Deflection Deflection F.E •
1 .705 •741 1.05
2 .819 .858 1.05
4 .914 .903 .99
5 .700 .680 .97
6 1.067 1.072 1.01
7 1.396 1.492 1.07
•
1 in. = 2.54 em.
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• TABLE 22
TYPE B PHASE IWEBDEFLECTIONS·- COLUMN STIFFENING (em)
Computed
Finite Finite
Connection Computed. Element Element
1 .0386 .0284 1. 36
2 .0338 .0328 1.03
4 .0358 .0305 1.18
5 .0254 .0292 .87
•
6 .0272 .0330 .82
7 .0366 .0503 .73
1 in. 2.54 em
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• '. TABLE 23
TYPE B PHASE I COMPARISON OF THEORETICAL
AND FINITE ELEMENT BEAM DEFLECTIONS -- STIFFENER (em)
6.Total
Connection 6. 6.<1> + \ +6.8 6. 6. 6.w Total F.E. F.E.
1 .1422 .6391 .7813 .7046 1.11
2. .1394 .7269 .8664 .8189 1.06
4 .2233 .7203 .9436 .9136 1.03
5 .2344 .4178 .6523 .7003 .93
•
6 .2156 .8184 1.0340 1.0666 .97
7 .3322 1.0396 1.3719 1.3965 .98
1 in. 2.54 em
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• TABLE 24
STRESS CONCENTRATIONS FOR CONNECTIONS IN THE
TYPE B PHASE I WEB CONNECTION STUDY
No
Connection a Stiffener .Stiffener
-
1 .863 2.28 4.00
2 .790 2.73 7.88
4 .930 2.29 4.94
5 .520 1.68 5.76
•
6 .620 1.65 10.75
7 .368 2.21 16.88
5 .520 1.42
(thicker
stiffener)
7 .368 1.91
(thicker
stiffener)
•
Nominal stress fbr all connections
0/ . 2
- 228.2 MN/m (33 ksi)
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• TABLE 25
STRESS CONCENTRATIONS IN BEA}! FLANGE FOR TYPE B
PHASE II CONNECTION STUDY (NO STIFFENER)
Connection Plate Width Designation
Section No. A B C D
1 2.24 4.23 5.29 5.02
2 4.47 8.76 10.48 9.31
3 6.90 13.04 15.30 13.19
•
4 8.98 16.82 19.69 16.71
5 17.21 32.89 39.08 32.39
•
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TABLE 26
STRESS CONCENTRATIONS IN BEAM FLANGE FOR TYPE B
PHASE II CONNECTION STUDY (STIFFENER)
Connection Plate Width Designation
Section No. A B C D
1 1. 70 2.66 3.39 3.44
2 1.92 2.99 4.02 4.38
3 2.00 3.07 4.16 4.84
4 2.01 3.17 4.32 5.17
5 2.30 4.32 5.85 6.69
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TABLE·· 27
BEAM FLANGE EFFECTIVE WIDTHS
FOR TYPEB PHASE· II WEB CONNECTIONS
R
(Shear Punch)
Connection b /b Resistance·eff· f (kN)
1A .333 1596.1
1B .3125 2147.5
lC .2500 2383.5
ID .2727 2855.9
2A .2917 884.6
2B .1667 928.3
2C .1250 971.6
2D .1534 1167.9
3A .2500 621.9
3B .1458 653.5
3C .0972 653.5
3D .0909 685.2
4A .2500 438.1
4B .1250 438.1
4C .0903 447.9
4D .0852 468.0
SA .1875 191.8
5B .1042 196.3
5C .0694 196.3
5D .0653 203.4
1 kip = 4'4J kN
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• TABLE 29
M AND M MOMENTS IN COLUMN WEB
x y
AT EDGE OF FLANGE PLATE
Connection M M M (Normal) M (Normal)y x y x
1A 70.9 72.7 70.9 72.7
1B 93.7 91. 9 46.8 45.9
1C 81.6 66.5 27.2 22.3
1D 32.6 12.0 8.9 3.1
2A 65.1 70.5 65.1 70.5
2B _97.7 109.3 49.1 54.9
2C 91.5 99.0 30.3 33.0
2D 41.0 27.6 11.2 7.6
3A 62.9 70.9 62.9 70.9
•
3B 98.6 116.4 49.5 58.4
, 3C 93.7 111.1 31.2 37.0
3D 42.8 43.7 11.6 12.0
4A 50.9 61.1 50.9 61.1
4B 81.2 103.0 40.6 51.7
4C 76.7 101. 3 25.4 33.9
4D 33.9 45.9 9.4 12.5
5A 40.1 49.5 40.0 49.5
5B 67.4 88.3 33.5 44.2
5C 64.2 91. 9 21.4 30.8
5D 25.9 47.3 7.1 12.9
Note: All values are in cm-kN/cm (1 in - k/in = 4.461 cm-kN/cm)
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• TABLE 30
MAXIMUM COLUMN WEB BENDING MOMENTS AND
ALLOWABLE BEAM FLANGE LOADS
Norm. Max. Beam Flange Maximum Web Allowable Flange
Connection Moment Load Bending Stress Load
lA 72.7 436.3 192.2 786.0
1B 46.8 436.3 123.8 1217.9
1C 27.2* 436.3 71.9 2096.7
1D 8.9* ,436.3 23.5 +6400.6
2A 70.4 402.6 519.3 268.1
2B 54.9 402.6 401.8 346.6
2C 33.0 402.6 '242.7 573.7
2D 11. 2* 402.6 82.3 +1678.7
3A 70.9 390.3 935.6 144.1
•
3B 58.4' 390.3 767.6 175.8
3C 37.0 390.3 488.2 276.6
3D 12.0 390.3 157.0 + 859.6
4A 61.1 331.7 1478.4 77.6
4B 51. 7 331.7 1246.8 91. 9
4C 33.9 331. 7 817.4 140.5
4D 12.5 331.7 303.6 378.3
5A 49.5 318.5 5328.0 20.5
5B 44.2 318.5 4752.0 23.2
5C 30.8 318.5 3292.9 33.5
5D 12.9 318.5 1387.1 79.4
+ Shear Punch Controls Moments: cm-k~/cm
* M (otherwise M ) Stress: MN/my x Loads: kN
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• TABLE 31
COMPARISON OF MAXIMUM TENSION PLATE STRESS
AND MAXIMUM NORMAL STRESS IN STIFFENER
Maximum Tension Maximum Stiffener
Plate Stress Stress
Connection (a) (b) b/a
1A 294.6 ' 78.1 .26
1B 459.2 88.5 .19
1C 586.4 76.1 .13
1D 594.7 67.8 .11
2A 332.6 109.3 .33
2B 517.3 127.9 .25
2C 694.3 134.8 .19
2D 757.9 105.8 .14
3A 345.1 116.2 .34
• 3B 531.1 152.8 .293C 719.2 159.0 .22
3D 837.4 141.1 .17
4A 347.1 126.5 .36
4B 547.7 170.8 .31
4C 746.1 215.1 .29
4D 894.1 176.3 .20
5A . 396.9 172.9 .44
5B 746.1 361.0 .48
5C 1011.7 432.2 .43
5D 1156.2 372.7 .32
MN/m2Stress:
21 ksi = 6.915 MN/m
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• TABLE 32
FRACTION OF BEAM FLANGE FORCE ENTERING COLUMN STIFFENER
Average Shear Shear Force
Flange Plate Stress in Flange Plate
Connection Force Stiffener Shear Force Force
lA 109.3 20.88 56.2 .515
1B 218.1 39.14 105.3 .483
1C 327.4 48.68 131.1 .400
1D 444.8 45.98 124.0 .278
2A 100.8 29.39 75.4 .751
2B 201.2 57.60 148.1 .736
2C 302.0 77.79 199.8 .663
2D 368.9 74.61 191.8 .520
3A 97.7 32.22 81.2 .834
3B 195.4 64.10 161. 9 .829
• 3C 292.6 91.10 230.2 .7863D 357.8 90.66 228.8 .640
4A 83.0 36.30 71.8 .864
4B 165.9 72.60 143.2 .864
4C 249.0 105.73 208.8 .838
4D 304.2 108.22 213.7 .702
5A 79.9 57.53 74.1 .932
5B 159 •. 3 115.69 149.4 .937
5C 239.1 173.98 224.4 .940
5D 292.2 200.60 258.7 .886
Forces: kN (1 kip = 4.461 kN)
2 . 2
Stresses: MN/m (1 ksi = 6.915 MN/m )
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Forces:
Stresses:
• TABLE 33FRACTION OF BEAM FLANGE FORCE ENTERING
COLUMN STIFFENER FOR THINNER AND THICKER STIFFENERS
kN (1 kip = 4.461 kN)
2· 2MN/m (1 ksi = 6.915 MN/m )
Thickness: cm (1 in = 2.54 cm),
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TABLE 34
DISTINGUISHING FEATURES OF PILOT TEST SPECIMENS
Beam Flange Plate
Welded to Column Web Only
Beam Flange Plate
Welded Betwe~n Column Flanges
•
•
NARROW Beam Flange Plate
Test A 12A
14A
Welded to Column Web
Test C 12C
14C
WIDE Beam Flange Plate
Test B 12B
14B
Not Welded to Column Web
Test D 12D
14D
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'. TABLE 35
SUMMARY OF CONNECTION TEST BEAM LOADS
14-1 14-2 14-3 14-4
Maximum Beam Load ;1217.8 /916.3 11289.2 /1353.9(kN)
% of V 85 64 90 95p
(at critical
Section)
% of V 99 64 131 110p
(at centerline
of column)
Maximum Beam 5.26 4.01 7.67 8.18
Deflection .A
(cm) max.
Amax . 2.46 1.68 2.60 3.83
A
•
P
Failure Mode Fracture Fracture Fracture Large
Deformations
~ = theoret ical deflection at beam load of V (includes
p experimental deflection due to column webm~ovement
for Connection 14-2)
V = 1431.1 kN (320'.8 kips) at critical section
mp
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• TABLE 36
THEORETICAL AND EXPERIMENTAL CONNECTION STIFFNESSES
Experimental Theoretical Theoretical
Connection Stiffness Stiffness Experimental
14-1 620.5 665.5 1.07
14-3 437.2 495.2 1.13
14-4 574.2 665.5 1.16
CONTRIBUTION OF COLUMN WEB DEFLECTION TO TOTAL THEORETICAL
BEAM DEFLECTION
•
Connection
14-1
14-3
14-4
Contribution
14.9%
12.1%
14.9%
Stiffness: kN/cm (1.756 kN/cm = 1 kip/in)
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• TABLE 37
COMPARISON OF THEORETICAL AND EXPERIMENTAL COLUMN WEB DEFLECTIONS
14-1 14-3 14-4
Beam Shear 695.9 325.7 669.2
Theoretical <5 0.0364 0.0158 0.0350
w
Experimental <5 , 0.0387 0.0130 0.0400
Tens. w
•
Experimental <5 ,
wCompo
<5 , Theoretical
w
<5 , Experimental Avg.
w
Shear: kN (1 kip = 4.461 kN)
. Deflections: cm (1 in = 2.54 cm)
0.0359
0.98
0.0194
0.97
0.0279
1.03
•
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Fig. 1 Moment Resisting Connections
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Fig. 2 Building Frame Showing Loaction of Web and Flange
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Fig. 6 Level II Finite Element Discretization
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Fig. 7 Level III Finite Element Discretization
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Fig. 8 Normal Stress (a ) in Beam Flange at Column Flange Tip
x
for Connection 2
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Fig. 10 Normal Stress (0 ) in Beam Flange at Column Flange Tip
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for Connection 7
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Fig. 11 Normal Stress (a ) in Beam Flange at End of Flange
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Connection Plate (Connection 2 - Plate Extension)
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Fig. 12 Normal Stress in Flange Connection Plate at Column
Flange Tip (Connection 2 - Plate Extension)
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Fig. 13 Shear Stress Along Flange Plate to Column Flange
Weld for Connection 2
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Fig. 14 Shear Stress Along Flange Plate to Column Flange
Weld for Connection 3
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Fig. 15 Shear Stress Along Flange Plate to Column Flange Weld
for Connection 5
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Fig. 16 Shear Stress Along Flange Plate to Column Flange
Weld for Connection 5 (Plate Extension)
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Fig. 17 Percentage of Beam Flange Force Going to Column
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Fig. 18 Shear Stress Along Flange Plate to Column Flange Weld
for Connection 5
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Fig. 20 Beam Flange Normal Stress at Flange Plate to Column
Web Weld for Connection 5
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Fig. 21 Beam Flange Normal Stress at Flange Plate to Column
Web Weld
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Connection 2
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Connection 2
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Fig. 29 Shear Stress Along Beam Flange to Beam Web
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Fig. 31 Deformation Components of Beam-to-Co1umn Web
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Fig. 36 Schematic Representation of Column Stiffener for
Case 1 Connections
-280-
•1.0
•
0.9
0.8
Regular
o
c
Stiffener With Weld
No Stiffener With Weld
x
y
a =0.791
Plate
Extended
•
•
o
Y , em
•
Fig. -37 Column Web Deflection for Regular and Flange
Plate Extension of 5.08 cm for Connection 2
-281-
••
~X' mm
0.9
0.7
0.6
0.5
0.4
0.1
x
Iy
I
I
a =0.520
o Regular Stiffener
6. Thicker Stiffener
o 4 8
y
12
cm
16 20
•
Fig. 38 Column Web Deflection fot Regular and Thicker
Column Stiffener for Connection 5
-282-
•I
N
00
w
I
0.3
0.2
~y,mm
0.1
•
-
y
Iff"" x
1... -
II
.
II
II:: _
II
IL
,..
IBeam Web I
Cope Hole ..
'.
o .-J_-'I__I::--_.......I__-i.I__-LI__......I_---iL3 4 5 6 7 8 9 10
x , em
Fig. 39 Displacement along Centerline of Beam for Connection 1 (Case 1)
••
Cope Holes
10
10
10I
°1 0
10
•
•
Fig. 40 Examples of Beam Web Cope Holes
-284-
••
Fillet
Welds
A .
....,.--__--1/.,,/B
I
I
I
I
I
I
I
Fu II Penetration
Groove Weld
•
Fig. 41 Web Connection Showing Areas Susceptible
to Fracture
-285-
•L=3.657m
•
y
x
z
Fig. 42 Level I Finite Element Discretization for Type B
Web· Connections
• -286-
•y
•
z
x
•
_ Discretized Region
Fig. 43 Distretized' Region of Type B Web Connection for
Phase II Finite Element Study
-287-
•
8 ~ 0
~y -8x - 0
x= z= ~
do. /' ~
\ ~
CI...
..,..
do.
q'"
do...
~
A
....
rL
....
......
Elastic Beam
..... Elements
do. Along This
\of" Line
V ..,........
a..
;r
..,.
do..
"""do...
:
.,..
oC ~
X Z
"~'" ~ ~~d ~~ ~~ ~~~d Ptr! Ir/ //'// ", ", ", /,/ ~~
-
3=
...J
coq
@
ro
3=
...J
<.Dq
E @
u <.D
C\I
•
.
<.D
r---
II ~3=
...J q-q
@
l()
~
C\Iq
@
0
•
Fig. 44 Column Web Discretization for Phase II Type B Web
Connection Study
-288-
umn Web
f Beam
ments
of Elastic
m Elements
nge Tension
e
ILColumn Stiffener
z
VLine of Symmetry
x=o
Applied Flange Plate Load
\ ,.;.
'\
......
.,
Q.
...J
It) .....
It) .,
!2
.
@
....v .,
,.Fla
. Plot
-
f-- .....
.....
I 0..
...J .....
I'-
.,
CD .....
CD .....q
@ .....~
v
0..- '"- Line
..J
It) BeaIt)q /x@CD
.....
• Col~
.....
N .,.
...... ,-,Stifu .....
CD ., EleII .-
~ .....
...... ......
u ....
CD
@, .......U"
CD .....
.....
_I.- .......
....
12 @ Dc/24 =Dc /2 t.. ..
E
()
co
J"()
I
•
•
•
Fig. 45 Tension Flange Plate and Column Stiffener Discretization
for Phase II Type B Web Connection Study
-289-
•
3.0 z
•
I
D.x,mm
1.5
1.01,::---0------<>--- _
I
x
a =0.791
Web- Flange
Junction
0.5
o Stiffener
o No Stiffener
o 2 4 6 8 10
Z , em
12 14 16 18
Fig. 46 Displacement of Column Web for Connection 2
• -290-
••
3.0
2.5
2.0
6 x ,mm
1.5
1.0
o
o Stiffener
c No Stiffener
I:J. Stiffener (thick)
4
z
I't-- X
a =0.520
weboFlange·
1
Junction
Fig. 47 Displacement of Column Web for Connection 5 .
• -291-
•I
I
I
I
\
\
\
\
.'
•
•
.... , .'
I .......~ ... "I ---" \
I \
I \
Fig. 48 Column Cross Section Out-of-Plane
Deformation for Type B Web Connections
-292-
•- -
• ~~J ff:: i -~4
LOAD~
F
is ~I/SH:Ia
I' I~ SHEAR
MOMEN
•
, .
Fig. 49 Schematic Representation of Type B Stiffener Used
for Column Web Deflection Calculations
-293-
• 2.8
2.4 . z
f
I
X b2.0
•
O"x/cr;o
1.6
1.2
0.8
0.4
a =0.520
0" =345.7 MN/m2
(50 ksi)
o Stiffener
o No Stiffener
6. Stiffener (thick)
o bf /8 bf /4· 3bf /8 bf /2
z t FRACTION OF FLANGE WIDTH
•
Fig. 50 Normal Stress in Beam Flange at Column Web for
Connection 5
-294-
ee·
4.8
4.0
3.2
O"'x/a:o
2.4
1.6
z
I
X b
I I
a =0.620
0"'0 = 345.7 MN/m2
(50ksi) .
f
o Stiffener
o No Stiffener
0.8
b
z ,FRACTION OF FLANGE WIDTH
•
Fig. 51 Normal Stress for Beam Flange at Column Web for
Connection 6
-295-
®
20
35
25 Decreasingz Web0
'- ThicknessI-
<t
0:::
I- 20
z
lJ.J
•
U
Z @0
u
15
en
en ®lJ.J
0:::
I-
en
10 ®
"Secfion No./5 CD
•
•
o 0.25 0.50 0.75 1.00
a
Fig. 52 Stress Concentrations in Tension Plates at Attachment with
Column Web (No Column Stiffening)
-296-
•
6
@
5 @
z ®
0 \- 4t- Section No.<t
a::: /t- CDZ
W
u :3z
•
0
u
Decreasing
(/) Web(/)
I.LJ 2 Thicknessa:::
t-
(/)
o 0.25 0.50
a
0.75 1.00
•
Fig. 53 Stress Concentrations in Tension Plate at Attachment
with Column Web (Column Stiffening)
-297-
•2.0
•
1.6
1.2
0.8
. O.4 Jp..",~
z a = 0.25
CiO =345.7MN/m
2
(50ksj)
o Stiffener
o No Stiffener
o Dc/12 Dc/6 Dc/4 Dc/3 5Dc/12 Dc/2
x, FRACTION OF COLUMN WEB DEPTH
•
Fig. 54 Normal Stress in Flange Plate for Connection LA
-298-
••
eTz /a;o
. D1_ C _I
a =0.25
z
.eTo =345.7 MN/m2
(50 ksi)
o Stiffener
o No Stiffener
5Dc /12o DC/6 Dc /4Dc/12
x, FRACTION OF COLUMN WEB DEPTH
Dc/2
•
Fig. 55 Normal Stress in Flange Plate for Connection 4A
-299-
•
< ..
o Stiffener - T =12.7mm (0.5")
c No Stiffener
~ Stiffener-T=19.lmm (0.75")
•
O'"NOM /0'"0 =0.5
od=c~:O:<5:0:::o:t~::o::~~f!!F~13e55CD~c/~122(D5::c~/2
Dc /12 Dc /6 Dc /4
x, FRACTION OF COLUMN WEB DEPTH
Fig. 56 Normal Stress in Flange Plate for Connection 3C
-300-
•
Hbeff/2
(0)
•
(b)
ltfT1l':'Y"'ar---"""'Llr.z-a
beff/2
(c)
Fig. 57 Elastic Beam Flange Stress Distributions and Idealization
By Effective Width
• -301-
• 10
1- Dc _I
7
~-.....-_"'----t._ X
0"'0 =345.7 MN/m2
(50ksi)
•
6
O"'z /0;o
5
4
z
o Stiffener
C No Stiffener
a = 0.75
Dc /12 Dc /6 Dc /4
x, FRACTION OF COLUMN WEB DEPTH
Fig. 58 Normal Stress in Flange Plate for Connection 4C
• -302-
•
35
30
tw = 47.6
~ 25
.c
.~
0
~0
.. 20
::c
.-
a
3=
IJ.J 15 tw =28.6>
-
•
.-(,)
IJ.J
lL.
lL.
IJ.J 10 tw=21.3 ..
tw = 15.7
t w = 7.5tw5 bf
o 0.25 0.50
a
0.75 1.00
•
Fig. 59 Effective Width of Beam Flange versus a for Type B
Web Connections
-303-
•0.75
0.50
0.92
a =0.25
J:
....
e
i
15
•
I.LJ
>
....
t)
I.LJ
u..
u..
I.LJ
o
•
Fig. 60 Effective Width of Beam Flange versus Column Web
Thickness for Type B Web Connections
-304-
•
y
[J No Stiffener
o Stiffener
30
c::=:::.t-f+-~ x
•
20
10
o
-10
-20
Edge of TenSio~l.
Plate .
1_ Dc _I
Mo = 4.461 kN-cm/cm
(I in-K/in)
a =0.50
I~_---..I.-'_~_--.L--l__ L
o Dc/12 Dc/6 Dc/4, Dc/3 Dc/12 Dc/2
x, FRACTION OF COLUMN WEB DEPTH
•
Fig. 61 M Across Column Web at Tension Plate for Connection 2B
x
-305-
•
y
0 No .Stiffener
0 Stiffener
30
x
Mo =4.461 kN -em/em
(/ in - K/in)
20
1- ~Ia =0.92 De
•
•
10
Mx/Mo
o
-10
Edge ..of Tension
Plate
-20
1 ""---_----'-__-"'-_-""""_-'------"IL..-_--IL
o De/12 Dc/6 Dc/4 Dc/3 5Dc/12 De/2
x, FRACTION OF COLUMN WEB DEPTH
Fig. 62 . M Across Column Web at Tension Plate for
x Connection 2B
-306-
• o No Stiffener
o Stiffener
•
/5
/0
5
My/Mo
o
;..5
~
y
Yf
!
~
J
y
1_ Dc .1
a =0.5
M =4.461 kN - em/em
(/ in-K/in)
x
-10
I I I I I LJ I L-L-.I L
o 4 8 12 16 20 24 28 32 36 40 44
Y , em
•
Fig. 63
\
M Along Column Web at Tension Plate Edge for
y Connection 2B
-307-
•
y
0 No Stiffener
0 Stiffener
30
x
Mo =4.461 kN -em/em
(J in - K/in)
20
I- De _Ia =0.92
•
10
o
-10
Edge of Tension
Plate
-20
1 ....I--_-"__---'-~-......I---------L
o De/12 De/6 De/4 De/3 5De/12 De/2
x, FRACTION OF COLUMN WEB DEPTH
•
Fig. 64 M Along Column Web at Tension Plate Edge for Connectiony
2D
-308-
••
•
(0 )
/x
i , LxiA , A
i ~
(b)
Shear ~~(section A-A) .
(c)
Fig. 65 Column Stiffening Force Distribution
-309-
•
a = 0.75
x
0"0 =345.7MN/m2
0.04 (50ksi)
-0.04 Edge of Tension
Plate
z
o o"z Stress
o Principal Stress
0.16
o
0.28
0.20
0.24
-0.08
0.12
O"z/o;o
0.08
•
I L
Dc/12 Dc/6 Dc/4 Dc/3 5Dc/12 Dc/2
x, FRACTION OF COLUMN WEB DEPTH
•
Fig. 66 Stress in Stiffener Adjacent to Column Web for Connection
1C
-310-
•
o oz Stress
[J Principal Stress
Edge of Tension_I
Plate
x
a =0.50
0-0 = 345.7 MN/m
2
{50 ksi}
r- P"'
V
"
Zo
0.48
-0.08
O"'z/o;o
•
~_--L.__--I- --... l L
Dc/12 Dc/6 Dc/4 Dc/3 5Dc/12 Dc/2
x, FRACTION OF COLUMN WEB DEPTH
•
Fig. 67 Stress in Stiffener Adjacent to Column Web for
Connection 2B
-311-
••
I
0.70
0.60
0.20
0.10
o
z
a =0.75
0"0 =345.7 MN/m2
(50ksi) .
o O"z Stress
Cl Principal Stress
Tension Plate
Edge
Dc/12 Dc/6 Dc/4 Dc/3 5Dc/12
x, FRACTION OF COLUMN WEB DEPTH
---....
Fig. 68 Stress in Stiffener Adjacent to Column Web for
Connection 4C
-312-
•I
0.70
0.60
•
O"'z fa:0
-I0.10
o
o O"'z Stress
-0.10 0 Principal Stress
z
a =0.25
0"'0 =345.7 MN/m 2
. (50ksi)
x
o
I I
Dc/12 Dc /6 Dc/4 Dc/3 5Dc/12
x, FRACTION OF COLUMN WEB DEPTH
•
Fig. 69 Stress in Stiffener Adjacent to Column Web for
Connection SA
-313-
• 0.08
•
0.06
0.02
a: =0.25
0"'0 =345.7 MN/m2
(50 ksi)
Flange
Tip .. I
•
Fig. 70
o LM Ln 3ML L
DISTANCE ALONG COLUMN FLANGE
Shear Stress Along Stiffener to Column Flange Weld for
Connection 1A
_ -314-
••
0.20
0.16
0.12
0.08
a =0.92
0"0 =345.7 MN/m 2
(50ksi)
0.04 Flange
Tip ..1
o L/4 L/2 3/4L L
DISTANCE ALONG COLUMN FLANGE
Fig. 71 Shear Stress Along Stiffener to Column Flange Weld
for Connection lD
-315-
• •• •
1.0
0 -0 ~ tw =7.5
W 0.8U
0::
00:: tw = 15.7LLW
w~ tw = 21.3(.!)LL
ZLL 0.6
<t-
..J"-
tw = 28.6LLC/)
LL(.!)
I OZ
w
zO::t-' 0.40-
•
OW
-..-
..-ZUw tw =47.6<t
.0::
lJ..
0.2
o 0.25 0.50 0.75 1,0
a
Fig. 72 Fracture of Beam Flange Force Going to Column Flange via Column Stiffener
• • •
1.0
W 0.8U
0::
00::
LLW
Z
Ww(!)LL
ZLL 0.6
«-
-11-
a =0.25LL cn
I LL(!) a =0.50UJ oz......
......,
I zO:: 0.4OW a =0.75
_I-
I-z
Uw
« a = 0.920::
LL
0.2
o I 2 3 4
COLUMN WEB THICKNESS, em
Fig. 73 Fracture of Flange Force Going to Column Flange via Column Stiffener
5
• ••
~
IYj-
"IF==II
I~ ""l"""II x )
I r =II
1.1
r
o Stiffener
o No Stiffener
0-0 =345.7MN/m2
(50 ksi)
0.50.4
a = 0.836
0.2 0.3
o-x 10-0
0.1
5
o
10
15
25
35
20
30
Y,cm
I
\,oJ
t-'
00
I
Fig. 74 Normal Stress in Beam Web for Connection 1
• • '.
II
If=_-I --
II 20
~ dB o Stiffenero No StiffenerI -
II 151dB/2a =0.520 Y,cm
I
w
~
\0
CTO =345.7MN/m
2I 10
(50 ksi)
0.40.2o-0.4-0.6 -0.2
CTX/CTO
Fig. 75 Normal Stress in Beam Web for Connection 5
••
....
~Groove
'- Weld
"
Test A
-
...
\Groove
... Weld
,
Test B
...
Test C Test 0
•
Fig. 76 Web Connection Detail Test Connection Schemes
-320-
•
91.4 em (31) P 91.4em (3 1) IIA
===«;:. =: =
'1 -------------------.. e- - - - - - - - - - - - - ,r. : I 'I
.....--++-----f-..L t--------------f"1r
,I IId II
, ..
--------
- --1:----
t= -------------------~i- ..,,. - - .... ,... - - - - - - - __ ,.. - --w..."'t I...
•
•
ILL '.L.LJ
--'~
~ :::'././
II II'
II II
~ II
.". .".
Section A-A
,P
~C IT=.f..2
T=C
Schematic Diagram
Fig. 77 Web Detail Test Setup
-321-
C~
••
Fig. 78 Web Detail Test Setup
• -322-
..,#
P'
,122.27 Z I'.
.~
r
1772222'
.....?'
P'
d
12A: d=356
14A:d=610
12A: 178x 25
14A :159 x 32
Test 12A-W12x106
Test 14A-W14x 184•
..,#
P'
1222 Z 2 2 II Zi
•
..
."----
-
.21IZ?Z??Z?,
/
d
12B:d=356
14B:d=610
Test 8
Test A
128: 241 x 25
148: 286x25
12B-W12x106
14B-W14x 184
Fig. 79 Detail Test A and B
-323-
•
•
•d
12C:d=356
14C:d=610
12C :25 Thick
14C :25 Thick
~
'"
,A-
.d
.P'
~
I
.A'
"
Test C
d
12D:d=356
14D= d = 610
120: 32 Thick
140 = 32 Thick
Test 12D-W12x106
,.....---
Test 14D-W14 x 184
12D= 19
140: 25
•
•
Test D
Fig. 80 Detail Tests C and D
-324-
••
2500
2000
~ 1500
o
...J
W
Z
:r:
~ 1000
~
Pp =2340.2 kN
~I-.,w. - - - - - - - -
o Test C Deflection
• Test D Deflection
o 0.5 1.0 1.5
DEFLECTION 6., cm
2.0
•
Fig. 81 Tension Plate Deflection for l2C and l2D
-325-
LO 1.5 . 2.0
DEFLECTION ~, cm
•
•••
2500
2000
z
• ..lIl::
..
0-
cr
~ 1500
-J
w
z
:c
~ 1000
~
500
o
~c
0.5·
o Test C Deflect ion
• TestD Deflection
p'
91.4cm 91.4cm
T~
2.5
•
Fig. 82 Test 14C and 14DTension Plate Deflections .
-326-
• • •
Gage on Opposite Side of Column
600
Z
~
.. 500
u..
w
u
~400
u..
w .
......
~:3 300
.. a...
z
o
en 200
z
w
.....
100
o
Test 12D
200 400 600 , 800
WI2xl06
1000
STRAIN, JL mm/mm
Fig. 83 Compressive Strain in Column Web
• -
VWI4xl84
v
l~
,~
254
I
8
Gage No.
•
2.0
6' ,1.6
.......
C/)
C/) 1.4
w
a::
.... 0.8
C/)
0.4
o T=669.2 kN
Cl T =1003.7 kN
eTo =345.7MN/m
2
(50 ksj)
o 10 20 30
DISTANCE ACROSS PLA TE t em
•
Fig. 84 Stress Across Tension Plate for Test l4C
-328-
WI4xl84
ge No.
oT=669.2kN
o T = 1003.7 kN
r-- r--
v-
r
- -
I I I I I
66 67 68 69 ;0
Go
.A
1-
t
25.4
0.8
6'
"-en
en
w
a: 0.4.-
en
0.2
•
•
o 10 20 30
DISTANCE ACROSS PLATE, em
•
Fig. 85 Stress Across Tension Plate for Test l4D
-329-
••
•
Fig. 86 Test l2D Compression Plate
-330-
J...
. ....
Test l2A Column Web at Tension Plate
~i.~~~~2~~\:·
::- :;--~-iI'~~_;~.t"·· -- -_ ~
------ -.-" - ._~
Fig. 87
•
.. -':;.-'.,
.~ ...,
Fig. 88 Pilot Test l2A Web Panel Zone
-331-
•~
Test B
2.0
....
/I
II
o Test A Deflection
• Test B Def lection
91.4cm P91.4em
0.5 1.0 l5
DEFLECT ION 6, em
Pyf' For Test A=1698.7kN
Pp =2340.2kN Force
Required To Cause
Hinge In Column1500
1750
o
1250
0:
c 1000
~
o
..J
UJ
Z
~
U
~
~•
•
Fig. 89 Tension Plate Deflection for l2A and l2B
-332-
••
•
i·
;·r
.'
;:
;
Fig. 90
Fig. 91
'.;, .
.~-
,
•
.~
Test l2B Column Web at Tension Plate
Pilot Test l2B Web Panel Zone
-333-
••
•
Fig. 92
Fig. 93
Test l4A Column Web at Tension Plate
Web Fracture Opposite Test l4A Tension Plate
-334-
•.
, . .
... t • • c,- .. '*'A ... .::·. J, .;).:;..~.i( ~~ ':;"' ¥~~~~ '" - I' > •J.~~.:.~~..: -:~~_~:\;~~~~.~~S:~l>·t~_j~_",- . ': . . .
''"0:, - ... ,. ~'... ~ ..~~~ 1~~'::::;"" '" ~ •
•
•
",.-
Fig. 94 Pilot Test l4A Web Panel Zone
-335-
\ I
:'j
••
2500
2000
.
Q.
ci
~ 1500
..J
w
z
:r:
~ 1000
~
o 0.5
o Test C Deflection
• Test D Deflection
1.0 1.5 2.0
DEFLECTION 6., cm
2.5
•
Fig. 95 Tests l4A and l4B Tension Plate Deflections
-336-
••
.- !
-: I
Fig. 96 Test 14B Column Web at Tension Plate
• -337-
178 x25
0.3 0.4 0.5 0.6 0.7
DEFLECT ION A, em
Tension Pia fe (Downward A)
Compression Plate (Upward A)
W 12 x 106
0.1
T=C=849.4kN =Force Required
--------------------
To Cause Yield Line Mechanism
200
900
o
100
z 500
o
en
en
w
a:::
a.
::E
o
<...>
a:::
o
z
o
en
z
w
I-
..
w
<...>
a:::
o
IJ..
W 600I-
«
-J
a.
•
•
•
Fig. 97 Column Web Deflection for Test l2A
-338-
•178 x 25 ~....,.....I W12 x I06
Tor C
~---Tension Plate (Inward ti)
""'r--Compression Plate (Outward fl)
300
500
400
z
~
..
w
u
a::
0
l.L.
.W
i-
«
.....J
a..
z
0
•
-C/)
C/)
w
a::
a..
~
0
u
a::
0
z
0
-C/)
z
w
i-
o 0.1 0.2 0.3 0.4 0.5
DEFLECTION fl', em
0.6
Fig. 98 Column Flange Movement for Test l2A
~ -339~
••
•
Fig. 99 Tests l4A and l4B Column Flange Movement
-340-
....
• •• •
2800
4@ 35=
rtio1
9.5 . 9.51rlr
I I I II
I \ 3/5
2 4
~
fF
2400200016001200800400o
/
1000 //
z
..x:
.. 800
lL
W
U
a::
~ 600
w
I I-w «.p-
......
-1I 0..
400
z
0
-(f)
z
w
I-
STRA INt fL em/em
Fig. 100 Strain Measured on Tension Flange Plate of Test l4A
•I .
------------------------
•
•
Fig. 101 Subassemb1age Test Setup
-342-
•'," , 19 e.
:r-------=-
'-132.
ct..
Lqad
1422
1130
W27x94
Material: ASTM A572
114 Grade 50
Electrode: E70xx
• '\- ,
•
•
•
•
•
II
'to
Full Penetration
Welds Are Flux
Cored Arc Welding
Fig. 102 Connection 14-1
.-' . -343-
I I
ct
Load
. I
21 Holes For 19 dia.
I . A490 Bolts~ --------+--;-~.;:=t--- ~ 57
r=.7 - - ---- - --~ 57
~
I~------_r_-_1
'-W27X 94I
,~
T
/219
B-U4c G.F
1
5\ U.T.
300\
..
•
I
••
-1
I Material: ASTM A572
\ Grade 50... -----..,...1\ '~ Electrode: E 70 xx
'" Q) •
8 v 0 Full Penetration Welds Are~ Flux Cored Arc Welding
CIJ
o
@
v,
•
)
''''+I
B-U4c G.F. U T
I;o~' .
~---"""~WI4 x 246
I
Fig. 103 Connection 14-2
-344-
70
70
27 Holes For 25 dia.
A490 Bolts
24 Holes For 22 dia.
A490 Bolts
•••
• •
---+=~-::. - - - -=- ~'::::;:==-=3-~---+-
72
<t
ad
'" """'\ ~ 1778
260 4@76=304
Lo
6 Finger/' - - - JShims 9.5/ ~
-- - -
I
T
.....
3~~ ~r ~
254 ~ ~ Material: ASTM A5
r I
~ Grade 50,- 10
I ! ~ Electrode: E 70xx
I- II
I ~
.... I
-
@ W27x94 ..........I~ 8 v r /13Je. <D
I •....
) yv I tI -
~ • • • ..
-• • .. .. .1I
27 Holes For 25 die.
-
~ . A490 Bolts
"-
\,.. WI4 x 246
"'\ ,
•
Fig. 104 Connection 14-3
~ -345-
•
. 25 typo
19
19 ~
13 It
1422
ct
Load,
292
235
235
21 Holes For 19 dia.
A307 Bolts
Material: ASTM A572
Grade 50
Electrode: E 70 xx
I'fI
II
II
II
II
II
II·
II
I
II
II
II
II
'-.
Full Penetration
.- --'-,"'__-1... ~ Welds Are Flux
Cored Arc Welding
•
Fig. 105 Connection" 14-4
_~ -346-
• •• •
87
v
Vmp =1226.8 kN
(column web)
6
~p+v
345
BEAM DEFLECTION (~) cm
2
r-----------·---------/ Vmp = 1431.1 kN
/ (critical section)
L------------ ----------/ J/ Fracture
/
/
/
/
Ic
!J
Fig. 106 Load versus Deflection for Connection 14-1
600
>
1000
z
~
1400
a
200
:E
<t
w
OJ
400
-- 800
-
I
wO
~<t
'0
..J
••
•
-----------------------------------------------------T-
Fig. 107 Fracture of Connection 14-1
Fig. 108 Connection 14-1 After Testing
-348-
• • •
723456
"BEAM DEFLECTION (Li) cm
Fig.·~ Load versus Deflection for Connection 14-2.
/6,.9
,--,-------------------I / Vmp/- 1431.1 kN
I I . (critical Section @/ column web)
/ I
/ /
I I
I /
I / IP+V
I II ,
I I
I I
I /
I /
I /
I I V
/ Ir·
I h
IIA tI P
I.
o
200
1400
1200
zlOOO
.::.:.
->
-
0 800
<{
. I a
w -.J
~
'-0 600I ~
<{
w
m
400
Fig. III Connection 14-2 Column Web Yielding
·····1
... J
;
I
l
,
,
~
, 1,
'\
..
1
-350-
,
'. i
'\
J I .
Tearing of Connection 14-2 at Tension Flange-
Column Web Junction
Fig. 110
•
•
•
•1400
• •
1200
1000
-> 800
-
o1«~o
~..J 600
~
«
w
CD 400
200
Vmp =981.4 kN
-----------(column web)
~P+V
v
Fig. 112 Load versus
Deflection for
Connection 14-3
o 2 3 4 5
BEAM DEFLECTION (~) cm
6 7
••
•
Fig. 113 Tearing of Connection 14-3 Flange
Plate
-352-
-I
":I
~ :
•.• - i.~~~.
1400
~1200
~
31000
~
~
!
. 800
. I
W
. VI
W
I
600
.400
200
..
.....
. ..
. . .
'i
. I
.' .
•
Fig. 114 Load versus Deflection for
Conneq.tion 14-4
'-, .. :
Vmp =1226.8 kN
(column web)
~p+v
v
. . .' .'
...~~.
...
. i 1 .. "
, 0 ,,2 3 4 .5 6 7 8
: BEAM DEFLECTION (6) cm
"
•
,..
. .
.
••
•
•
Fig. 115
• r
•
Connection 14-4 After Testing
-354-
I'
~
t
\\
\
\.1\
\,
"
• I •
• FLANGE FORCET or C, k.N
2500
2000
1500
MT-C-~
- - db
•
1000 Tension Flange IX
Compression Flange \ \
I Tor CI
-
500 I "
. I
Ix
o 0.5 1.0 1.5
COLUMN WEB MOVEMENT RELATIVE
,TO COLUMN FILLETS ~ t mm
2.0
•
Fig. 116 Column Web Deflection Relative To Column Flanges
for Connection 14-1
-355-
•U)
a.
.-
~
0
0::: 1500
«
w
:J:
en
w
•
z
0 1000,~ . N
...J
W
Z
«
0..
o J 0.0004 0.0008 0.0012 0.0016
SHE AR DEFORMATION Y I rod ions
•
Fig. 117 Connection Panel Zone Shear Deformation for Connection
·14-3
-356-
.'
V=659.3kN
V=881.0kN
V=769.5kN
96
~__ ,.......---I.=~~.138.1
-96 1:~~ ~~::
-93 69.9
-92 52.4
c=~==:::rr."':'::::;"----'138.1
Strain Gage Locations
On Compression Flange Plate
•
8
rt)
I
0
)(
6E
(,)
........
E
(,)
2 4~
a:
J-
CJ)
2
:• 0 92 93 94 95
GAGE NO.
--i ~.3
I I
•
Fig. 118 Strain Across Flange Connection Plate for Connection
14-3
-357-
••
20
18
rc')
I
o
~ 8
<t
0::
I- 6
en
4
2
55 56 57 58
GAGE NO.
59
4=216
,19.1
:5958 ]4@5-57
:5655
.19.1r
Stra in Gage Locations
On Tension Flapge
Fig. 119 Strain Across Beam Flange for Connection 14-2
• -358-
••
1000
800
600
V,kN
200
I
\
,.r__....;Yielding of Plate In Shear
o Gage 41
c Gage 44
r I
•
Fig. 120 Stress in Y-Direction on Flange Plate at Column
Flange for Connection 14-3
-359-
•
0.7
Shear Yield
V=669.1 kN0.6
V=446.1 kN
0.5
Gage 5 Yielded
0.4 at V= 557.6 kN •
T/CiO
0.3
V= 223.1 kN
Cio =345.7 MN/m2
0./ (50 ksi)
• 0 6 GAGE NO. 5
57~ H 88.9
, ,
v" ",
6 5
,
I I
Fig. 121 Shear Stress Along Flange Connection Plate to Column
Flange Weld for Connection 14-4
• -360-
•
2000
6 14-1'
• 14-2
o 14-3
o 14-4
1600
z
--------
..:.:::
CD
l.LJ
3=
Z C--:I
::E 1r
:::> II
.....J 1000 II0 II
.Ju Strain
•
.... Gage
<t 800
l.LJ
U
c:::
0
lJ..
Strain in Column Web versus Flange Force at Column
Web
-361-•
a
Fig. 122
I
STRAIN
2 3
em/em x 10- 3
4
;.
0.1 0.2 0.3 0.4 0.5 0.6 0.7
COLUMN FLANGE MOVEMENT ~. em
•
2000
Compression
Flange
z
.:Ie
.. 1500
u
'-
0
t-
lJJ
~IOOO
I 0w IJ..0'
N
I lJJ
(!)
Z
«
-l 500IJ..
o
•
MxT=C=-
db
I
n __Tor C
I
Ix
0.8
• •
Fig. 123 Column Flange Movement for Connection 14-2
••
•
Fig. 124 Connection 14-1 Beam Compression Flange at Cope Hole
Fig. 125 Fracture of Connection 14-3 Tension Plate
-363-
••
Fig. 126 Cracks in Connection 14-4 Beam Tension
Flange
• -364-
•
t:: Web Thickness --+--+---j
k
a
T
b a
k
•
6t
d/2
d/2
6t
Fig. 127 Column Web Yield Line Mechanism
4IIt ~365-
8 ( :0 )
•
1.
2.
3.
REFERENCES
Standig, K. F., Rentschler, G. P. and Chen, W. F.
TESTS OF BOLTED BEAM-TO-COLUMN FLANGE MOMENT CONNECTIONS,
Welding Research Council Bulletin No. 218, August 1976.
Huang, J. S. and Chen~ F. W.
STEEL BEAM-TO-COLUMN MOMENT CONNECTIONS,
Meeting Preprint 1920, ASCENational Structural
Engineering Meeting, San Francisco, California,
April 9-13, 1973.
Parfitt, J. and Chen, W. F.
TESTS OF WELDED STEEL BEAM-TO-COLUMN MOMENT CONNECTIONS.
Journal of the Structural Division,Proceedirrgs of the
American Society of Civil Engineers, Vol. 102, No. STl,
January 1976.
•
•
4. Douty. R. T. and McGuire, W.
HIGH STRENGTH BOLTED MOMENT CONNECTIONS,
Journal of the Structural Division, ASCE, Vol. 91,
No. ST2, April 1965.
5. Naka, T., Kato, B. and Tanaka, A.
EXPERIMENTAL STUDY OF HIGH STRENGTH BOLTED MOMENT
CONNECTIONS,
Proceedings, Symposium on High Strength Steel and Its
Joints, Japan Society ·for the Promotion of Science,
Tokyo, September 1966.
6. Krishnamurthy, N •.
HIGH STRENGTH BOLTS SUBJECT TO TENSION A~ PRYING,
Discussion, Journal of the Structural Division, ASCE,
Vol. 101, No. STl, Proceedings Paper 10373, January 1975.
·7. Graham, J. D., Sherbourne, A. N., Khabba~, R. N., and Jensen,
C. D.
WELDED INTERIOR BEAM-TO-COLUMN CONNECTIONS,
American Institute of Steel Construction, Welding Research
Council Bulletin No. 63, New York, August 1960.
8. Chen, W. F. and Newlin, D. E.
COLUMN WEB STRENGTH IN STEEL BEAM-TO-COLUMN CONNECTIONS,
Journal of the Structural Division, ASCE, Vol. 99, No.
ST9, September 1973.
-366-
,-
••
REFERENCES (continued)
9. Bose, Somesh K.
ANALYSIS AND DESIGN OF COLUMN WEBS IN STEEL BEAM-TO-COLUMN
CONNECTIONS,
Dissertation submitted to the University of Waterloo in
partial fulfillment of the requirements for the Degree
of Doctor of Philosophy: ·in Civil Engineering, University
of Waterloo, March 1970.
10. Kato, B.
A DESIGN CRITERIA OF BEAM-TO-COLUMN JOINT PANELS,
New Zealand Natural Society for Earthquake Engineering
Bulletin, Vol. 7, No. I, March 1974.
11. Fielding, D. J. and Huang, J. S. .
SHEAR IN STEEL BEAM-TO-COLUMN CONNECTIONS,
The Welding Journal, Vol. 50, July 1971.
12. Naka, T. and Kato, B., et al
THE EXPERIMENTAL RESEARCH ON THE BEHAVIOR OF STEEL BEAM- ~~----
TO-COLUMN CONNECTIONS SUBJECTED TO·· LATERAL FORCE,
Transactions, Architectural Institute of Japan, No. 101,
August 1964 •
13. Krawinkler, H., Bertero, V. V. and Popov, E. P.
BEHAVIOR OF STEEL BEAM COLUMN SUBASSEMBLAGES UNDER CYCLIC
LOADING,
Progress Report to American Iron and Steel Institute
Project 145, University of California at Berkeley,
California, February 1970.
14 .. Struik, J. H. A.
APPLICATIONS OF FINJTE ELEMENT ANALYSIS TO NON-LINEAR
PLANE STRESS PROBLEMS,
Dissertation presented to Lehigh University, Bethlehem,
Pennsylvania in partial fulfillment of the requirements
for the degree of Doctor of Philosophy, November 1972.
15. Tanaka, H., et al
LIMIT ANALYSIS OF BEAM-TO-COLUMN CONNECTIONS.
Transactions. Architectural Institute of Japan. 1968-1971.
..:=::l--
•
16. Huang, J. S., Chen. W. F. and Beedle,L. S.
BEHAVIOR AND DESIGN OF STEEL BEAM-TO-COLUMN MOMENT <:;;;;;\-_...,
CONNECTIONS,
Fritz Engineering Laboratory Report No. 333.20, May 1973 .
-367-
•
17.
18.
REFERENCES (continued)
American Institute of Steel Construction
MANUAL OF STEEL CONSTRUCTION,
7th Edition, American Institute of Steel Construction, 1970.
Popov, E. P. and Pinkney R. B.
CYCLIC YIELD REVERSAL IN STEEL BUILDING CONNECTIONS,
American Institute of Steel Construction Journal, July 1971.
•
•
19. Kajima Construction Company
LOAD TEST OF BEAM-TO-COLUMN CONNECTIONS OF STEEL FRAMES
FOR NUSAUTAURA BUILDING,
Part I, Part II and Part III, 1964.
20. Hagura, H., Hashimoto, A. and Fujimoto, M.
HORIZONTAL PLATE STIFFENERS,
Chiba Institute of Technology, 1975.
21. Khabbaz, R. N. and Jensen, C. D.
FOUR-WAY WELDED INTERIOR BEAM COLUMN CONNECTIONS,
Fritz Engineering Laboratory Report No. 233.13, Lehigh
University, Bethlehem, Pennsylvania, September 1957.
22. Abolitz, A. L. and Warner, M. E.
BENDING UNDER SEATED CONNECTIONS,
American Institute of Steel Construction Journal,
January 1965.
23. Stockwell, F. W.
YIELD LINE ANALYSIS OF COLUMN WEBS WITH WELDED BEAM
CONNECTIONS,
Engineering'Journa1, American Institute of Steel
Construction~ First Quarter 1974.
24. Kapp, R. H.
YIELD LINE ANALYSIS OF A WEB CONNECTION IN DIRECT
TENSION,
Engineering Journal, American Institute of Steel
Construction, Second Quarter 1974.
25. Elling, R.
EVALUATION OF STRENGTH OF COLUMN WEB CONNECTIONS,
Progress Report to the American Institute of Steel
'Construction, July 1975.
-368-
••
•
REFERENCES (continued)
26. Tanaka, H. and Fukushima, A.
LIMIT ANALYSIS OF BEAM COLUMN CONNECTIONS (VI),
Transactions of the Architectural Institute of Japan,
No~ 164, Octobe~1969.
27. American Society of Civil Engineers - Welding Research Council,
PLASTIC DESIGN IN STEEL,
ASCE Manual 41,2nd Edition, 1971.
28. Blodgett, O. W.
DESIGN OF WELDED STRUCTURES,
Lincoln Arc Welding Foundation, June 1966.
29. American Institute of Steel Construction
STRUCTURAL STEEL DETAILING,
AISC, 2nd Edition, Octobe~ 1971.
30. Bathe, K. J., Wilson, E. L. and Peterson, F. E.
SAP IV, A STRUCTURAL ANALYSIS PROGRAM FOR STATIC AND
DYNAMIC RESPONSE OF LINEAR SYSTEMS,
University of California at Berkeley, Berkeley,
California, April 1974.
31. Clough, R. W. and Fe1ippa, C. H.
A REFINED QUADRILATERAL ELEMENT FOR ANALYSIS OF PLATE
BENDING,
Proceedings 2nd Conference on Matrix Methods in
Structural Mechanics, Wright Patterson AFB, Ohio, 1968.
32. Fe1ippa, C. A.
REFINED FINITE ELEMENT ANALYSIS OF LINEAR AND NON-LINEAR
TWO-DIMENSIONAL STRUCTURES,
SESM Report 66-2, Department of Civil Engineering,
University of California, Berkeley, 1966.
33. Fielding, D. J. and Chen, W. F.
STEEL FRAME ANALYSIS AND CONNECTION SHEAR DEFORMATION,
Journal of the Structural Division, ASCE, Vol. 99, No.
ST1, January 1973.
34. Rolfe,S. T.and Barsom,J.M.
FRACTURE AND FATIGUE CONTROL IN STRUCTURES ..;. APPLICATIONS OF
FRACTURE MECHANICS,
Prentice-Hall, Inc., Englewood Cliffs, New Jersey, 1977.
-369-
REFERENCES (continued)
35. Mehrotra, B. L. and Grovi1, A. K.
SHEAR LAG ANALYSIS OF RECTANGULAR FULL WIDTH TUBE ""'...,.js----
JUNCTIONS,
Journal of the Structural Division, ASCE, Vol. 98,
571, January 1972.
36. American Welding Society
STRUCTURAL WELDING CODE, AWS Dl.l-75,
American Welding Society, Miami, Florida, 1975.
•
••
37. American Institute of Steel Construction
STEEL CONNECTIONS, DETAILS AND RELATIVE COSTS,
AISC, 1973.
38. Rentschler, G. P. and Chen~ W. F.
TEST PROGRAM OF MOMENT-RESISTANT STEEL BEAM-TO-COLUMN
WEB CONNECTIONS, .
Fritz Engineering Laboratory Report No. 405.4, Lehigh
University, Bethlehem, Pennsylvania, May 1975.
39. Peters, J. W. and Driscoll, G. C.
A STUDY OF THE BEHAVIOR OF BEAM-TO-COLUMN CONNECTIONS,
Fritz Engineering Laboratory Report No. 333.2, Lehigh
. University, Bethlehem, Pennsylvania, 1968.
40. Popov, E. P. and Pinkney, R. B.
BEHAVIOR OF STEEL BUILDING CONNECTIONS SUBJECTED TO
REPEATED INELASTIC STRAIN REVERSAL - EXPERIMENTAL DATA,
Report to American Iron and Steel Institute, University
of California, Berkeley, California, December 1967.
41. Redwood, R. G.
THE BEHAVIOR OF JOINTS BETWEEN RECTANGULAR HOLLOW
STRUCTURAL MEMBERS, .
Civil Engineering and Public Works Review, October 1965.
42. Driscoll, G. C.
FRACTURE OF BEAM-TO-COLUMN WEB MOMENT CONNECTIONS,
Fritz Engineering Laboratory Report No. 405.10, Lehigh
University, Bethlehem, Pennsylvania, March 1979.
43. Szilard, R.
THEORY AND ANALYSIS OF PLATES..;.CLASSICALAND NUMERICAL,
Prentice-Hall, Inc., New York, 1974.
44. Roark, R. J.
FORMULAS FOR STRESS AND STRAIN,
McGraw Hill, New York, 1965.
-370-
• .VITA
Glenn P. Rentschler, the eldest son of William P. and }1ary
L. Rentschler, was born on October 7, 1947 in Reading, Pennsyl,..~nia.
He is married to the former Carolyn J. Marsh of Bath, Penrlsylvania
and is the father of three children: Christopher, Kimberly and
Stephanie. He graduated from Schuylkill Valley High School in
Leesport, Pennsylvania in 1965.
He attended the Pennsylvania State University and in June
1969 graduated, with distinction, with a Bachelor· of Science Degree
in Civil Engineering. He is a member of Tau Beta Pi and Sigma 'Tau,
e.ngineering honoraries, and Chi Epsilon, Civil Engineering hono.rary,
and the research society, Sigma Xi. Upon graduat:i.on he also became
an Associate Member in the American Society of Civil Engineers.
In June 1969, he was employed by the consulting erigi~eering
firm of Gannett, Fleming, Corddry, and Carpenter, Inc. of Harrisburg,
i:
Pennsylvania as a Bridge Design Engineer. While employed there he
attended the Pennsylvania State University's Graduate School at its
Capitol Campus in Middletown, Pennsylvania.
In January 1971, he entered the Graduate School of Lehigh
University as a research assistant on the project:, Planning and Design
of Tall Buildings. He was awarded a Master of Science Degree in
Civil Engineering in October~ 1972.
-371-
••
•
While continuing at Lehigh University toward the degree of
Doctor of Philosophy in Civil Engineering, he was a teaching assistant
and research assistant on the project, Beam-to-Co1umn Web Connections.
Since May 1978, he has been employed as a structural engineer in the
, design of nuclear and fossil fueled power 'plants by Gilbert Associates
in Reading, Pennsylvania .
-372-
